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2. UN POCO DE HISTORIA’ 

Ü I En puentes de fábrica, el deseo de eliminar la cimbra y realizar diss. evolutivas, 
f resistentes a lo largo de todo el proceso constructivo, ha sido un viejo sueño de los ingenie- 
ros. De 1811 data una patente y un proyecto del americano Pope para salvar un vano de 550 
I metros de luz sobre el río Hudson con arco formado por celosía en madera, a ejecutar avan- 
. “+ zando en voladizo desde los estribos que servían de contrapeso. Este intento dió lugar a un 
E l poema épico que con aire triunfalista habló de cómo América iniciará un. camino que asom- 
brará al mundo. La idea de Pope, difícilmente viable a la vista de los dibujos que de su dise- 
ño hoy poseemos (Figura 1), se quedó en los planos, y hasta siglo y medio después no se ha- 
ría realidad plenamente, pero con un material totalmente nuevo, el hormigón pretensado, y 
no precisamente en América sino en Europa. Acertó en su visión el ingeniero pero no el poe- 

ta. Pas 


El intento más serio en hormigón arni. to se produce en 1930, al construirse el puente 
sobre el río Peixe en Brasil con un vano central de 68 metros, ejecutado mediante dovelas de 
1.50 metros de longitud. El empalme de las barras pasivas de la tabla superior se realizaba 
mediante manguitos roscados. ) 


El verdadero desarrollo del sistema llegó con el hormigón pretensado. Freyssinet había 
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FIG. 1. 
ii. Dibujo de 
) Pope para 
un puente 
sobre el río 
Hudson, de 
550 m. de luz, 
en 1811. 
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demostrado en sus puentes sobre el Marne ia viabilidad de 
M las prefabricadas enlazadas exclusivamente por pretensado, sin arma 
demos incluso ver en el proceso constructivo de esos puentes un gennen í 


avance en voladizo con dovelas prefabricadas en los arranques de los pórticos (Figura 2). 


le solución de 


FIG. 2. 
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Pero fué el ingeniero Vinsterwalder y-la firma Dywidag quienes pusieron apunto el pro- 
cedimiento en su versión inicial construyendo el puente sobre el Lahn de 02 metros de luz 
en 1950. Y que ya en 1953 alcanzaban los 1 14 metros en el puente de los Nibelungos sobre 
el Rhin en la ciudad de Worms, puente que era la reconstrucción del antiguo constituido por 
3 arcos tímpanos cuyas cimentaciones se aprovechaban (Figura 3). z 


xc. aquí se exige pre- 


` ^A diferencia de la solución de hormigón armado aplicada en Peixc. 

comprimir cada nueva dovela hormigonada contra las anteriores. obteniendo fa necesario 
solidarización. Precisamente, el sistema de pretensado Dywidaz, quizá concebido para este 
amolda perfectamente a ellas al estar compuesto por barras de corta iongi- 
ables mediante manguitos roscados, y cuyo anclaje en forma de 
sencillez. Se comprende fácilmente la ventaja que represen- 
la dada, contribuyendo de este 


tipo de obras, se 
tud muy fácilmente empalm 
campana metálica es de-una gran 
ta la libertad de anclar una barra determinada en una dove 

nsado del voladizo ya construido, y su posterior empalme que funcionara co- 


modo al prete 
nuevo puesta en tensión y anclada en otra dovela 


mo anclaje pasivo cuando tal barra sea de 
v 


más avanzada. 
6 


El sistema se divulgó y expe 
auxiliares y tecnologia como en lo que respecta , 


rimentó numerosos perfeccionamientos tanto en medios 
a los esquemas estáticos de las obras así > 
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Puente de los Nibelungos en Worms. 


construidas. Las dos grandes familias de dinteles que coexisten hoy en día son, por un lado, 
las que se atienen a la idea original de dovelas hormigonadas in situ sobre carro de avance 
(con variantes que pueden llegar hasta: el empleo de grandes vigas metálicas de suspensión 
provisional de-cada pareja de dovelas simétricas) y, por otro, las basadas en el empleo de do- 
velas prefabricadas encoladas mediante resinas con juntas en seco y sin armadura pasiva pa- 
sante. La solución de junta húmeda de mortero de pocos centímetros de espesor está prácti- 
camente abandohada al reunir casi todos los inconvenientes de ambas familias. 


obligado a medios auxiliares excesivos. Puede así decirse que, en términos generales, la solu 
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I os records actuales de dinteles no atirantados están lógicamente idetentados por puen- : 
les de la primera familia en los que el empleo de dovelas prefabricadas de gran peso hubiera | 
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ción de dovelas ejecutadas sobre carro está especialmente indicada en los puentes que se . | | 
componen de un vano central importante, acompañado por laterales de luces menores. Por BUR 


= 
, el contrario, el empleo de dovelas prefabricadas requiere numerosos vanos de luz igual o pa- . EXT de 
recida que permitan la amortización de la instalación de producción, y facilidades para los > I e 
" medios auxiliares de transporte y montaje. à E 
A s f ar 
Los puentes de Bendorf sobre el Rhin- eon-208 metros y los japoneses de Urato (230 1 | 
metros) y de Hamáña (240 metros), incluyen las mayores luces hasta hoy realizadas en los uf: 
“tramos rectos ejecutados por avance.en voladizo libre (Figura 4). FA 
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s "s, Si entramos en el campo de los puentes atirantados, encontramos que la técnica de 
$ avance en voladizo se combina perfectamente con la disposición sucesiva de cables inclina- - 
dos exteriores, provisionales o definitivos (aunque con tendencia más bien a esto último), 
configurando una estructura evolutiva, resistente a lo largo de toda su ejecución. El puente 
de Brotonne sobre el río Sena, aguas abajo de Rouen, con vano central de 320 metros, es un 
"uagn ffico cjemplo de esta familia; llamada a tener un gran desarrollo en el futuro para luces 
superiores a los 200 metros (Figura 5). mE + 


FIG.5 
Puente de Brotonne. Detalle del proceso constructivo. 
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FIG. 5. Puente de Brotonne. Esquema general 


Incluso los puentes de arco se han visto revitalizados con esta técnica, que tiene prece- 
dentes tan imponentes como el Viaducto de Curavit en el Macizo Central francés, ejecutado 
por Eiffel en 1864 sustentando el arco metálico en avance mediante cables auxiliares, que 
tuvo otro claro exponente en los viaductos de la autopista Caracas-La Guaira de Freyssinet, 
y que, finalmente, austriacos y japoneses han aplicado a la ejecución de grandes arcos con 
toda la tecnología de los carros de avance de los trams: rectos. En la Figura 6 puede verse el 
puente de Niesenbach con un arco de 120 metros de luz realizado con la técnica cita! Ta 
sección del arco, bicelular con paredes delgadas, tan ventajosa desde el punto de vista del 
aumento de rendimiento de la sección y de reducción del peso propio, ve su ejecución : =y 
facilitada por el empleo de encofrados metálicos análogos a los de los dinteles de los tramos 
rectos. - j 


Finalmente, el avance en voladizo se ha en: ' ado para construcciones tan poco con- 
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FIG. 6. Puente Niesenbach. Arcos terminados 
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FIG. 6. Puente Niesenbach. Planta ` 


vencionales como un trampolín de saltos de esquí (Figura 7). Se trata en el fondo de una 


gr 


fecta. 


FIG. 7. Trampalía de saltos de ‘ 
esquí de Oberstdart. 

Esquema y vista de 

la inénsula terminada. 
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an ménsula inclinada y frente a las dificultades de la. cimbra se responde con la misma es- 
trategia que en los puentes. El pretensado, y el carro.de avance nos ofrecen la respuesta per- 
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3. TABLEROS CONSTRUIDOS POR AVANCE SOBRE CARRO 


En la solución más clásica sendos carros avanzan simétricamente desde cada pila hacia - 
los centros de los vanos. Cada carro apoya en el borde del voladizo ya ejecutado, y se pro- 
longa más allá sustentando el encofrado de la futura dovela y las plataformas de trabajo ade- 
cuadas. Los carros primitivos disponían de contrapesos traseros para lograr estabilidad, lo 
que se traducía en un aumento de la carga muerta a soportar por el voladizo durante la fase 
de construcción. En la actualidad (Figura 8) se recurre a anclar la zona posterior del carro, al 
hormigón mediante barras tesas. Los carros suelen constituirse como estructuras planas en 
celosía (a b c d), en número variable según el ancho del tablero, de las que penden el enco- 
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FIG. 8. Esquema de carro de avance clásico. 


frado y Has plataformas de trabajo. Para reducir la flexión transversal local sobre el voladizo 
de hormigón, interesa que los apoyos (a) y los anclajes (b) queden en las inmediaciones de 
las almas de la sección. Los agujeros verticales, necesarios tanto para el paso de las suspensio-. 
nes del encofrado como para los tensores de anclaje posterior, deben quedar perfectamente 
previstos y localizados en el Proyecto para evitar choques con los cables longitudinales de 
pretensado cuya posicion en planta es continuamente variable. 


La deformabilidad de la estructura metálica del carro suele ser importante (aceros de 
alto límite elástico, bien aprovechados en su resistencia) y ello conduce a prever las contra- 
flechas oportunas antes del llenado de la dovela, y a la conveniencia de que éste se realice co- 
menzando por el extremo del vuelo y terminando por el contacto con el hormigón de la do- 
vela anterior. Proceder en sentido contrario con dovelas de longitud importante y carros fle- 
xibles conduce a la fisuración vertical del hormigón ya vertido y en proceso de fraguado. 


Obsérvese que, a efectos de calcular los esfuerzos que la nueva dovela introduce en el 
voladizo de hormigón ya ejecutado, el momento flector crece linealmente desde (a) hasta 
(b), y sólo a partir de esta última sección actúa plenamente. Por el contrario, el cortante en- 
tre (a) y (b) es superior al peso del hormigón de acuerdo con la regla de la palanca. Se trata 
de una situación temporal que desaparece cuando se tesan los cables anclados en la dovela en 
cuestión. Fsta se sc; * del encofrado solidarizándose con el resto del voladizo y normalizan- 
do las leyes de flexión y cortante de peso propio. 


Es importante fijarse para el control de flechas en estas dos subetapas de cada dovela: | 
a) Llenado de la misma. El voladizo entero desciende al engendrarse flexión negativa 


que crece lincalmente hacia el apoyo. 
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b) Tesado de los cables de construcción. Se engendra flexión positiva a todo lo largo, 
proporcional en cada sección a la excentricidad del cable en la misma, o sea creciente hacia 
el apoyo en dinteles de canto variable. El voladizo experimenta corrimientos ascendentes. 


Parti. i!irmente dignas de atención son las etapas de arranque de los carros sobre la pila 
y el cierre en clave de cada tramo. a | 


El arranque sobre pila exige montar el carro y para ello se precisa disponer de una cier- 
ta longitud de dintel ya hormigonado. La solución para realizar este último es una cimbra 
apoyada directamente sebre la cimentación de la pila si ésta es baja, o un entramado metáli- ` 
co sustentado en huecos en la parte alta de aquélla si su altura es importante. La longitud 
mínima de dintel para emplazar un carro es ab.y varía según sistemas. pero puede estimarse 


entre 6 y 10 metros. El segundo carro no podrá instalarse hasta que el primero no se haya ^ 


desplazado suficientemente hacia el vano. Esto supone un desequilibrio inevitable (salvo 
mayor longitud inicial de dintel) para la pila, con el que hay que contar en cl Proyecto, y al 
mismo tiempo cables no simétricos como pretensado de dichas dovelas. 


El avance del carro se realiza gracias a perfiles metálicos (IPN 500 son corrientes) que 
sirven de camino de rodadura tanto para el apoyo frontal como para el anclaje posterior re- 
tenido por las alas superiores. Fs recomendable constituir una cama de arena interpuesta en- 
tre perfiles y hormigón del dintel para un buen reparto de la presión entre ambos. El avance 
de carro y perfiles se realiza mediante movimientos alternativos del tipo "regla de cálculo"? 


Fl cierre en clave de los dinteles mediante el llenado de la dovela correspondiente y la 
puesta en carga de un pretensado de continuidad ha dejado de constituir hace tiempo cues- 
tión polémica. Hoy nadie discute las ventajas de la continuidad del dintel, esencialmente la 
ausencia de deformaciones diferidas importantes y evitar e] quiebro que se llega a producir 
con el tiempo en los voladizos empalmados por articulación simple, aunque sea al precio de 
unas flexiones parásitas que pueden definirse como un estado de autotensión (sin resultante 
exterior) producido por la coacción a la libre deformación diferida de ambos vuelos después 
dh su solidarización. 


Es interesante observar, sin embargo, que en las grandes luces (Bendorf, Urato, Hama- 
na). se sigue disponiendo articulación en la clave del gran vano. Las razones para ello están 
tanto en la mayor seguridad que durante la construcción ofrece un empotramiento rígido en 
la pila como en la importancia de los c corrimientos horizontales para los que habría que pre- 
ver los aparatos de apoyo sobre ellas. Esto último empalma directamente con la seguridad 
frente a sacudidas sísmicas, cuestión primordial en un país como Japón (Figura Y). El em- 
potramiento directo del dintel en la pila, aunque sea con articulación deslizante en clave, 
ofrece la mayor seguridad frente a acciones horizontales de sismos siempre que el dimensio- ` 
namiento de aquélla sea correcto. : 
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FIG. 9. Puente de Hamana. Sección longitudinal! Reicord mundial ue tramos rectos en 1976 
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¿Qué longitud debe tener la dovela de clave?. Como mínimo, la de un gato abierto que 
tese los cables de las últimas dovelas tipo. Por-otro lado hay que disponer el pretensado infe- 
rior (y à veces superior) de continuidad. Estas dos exigencias nos llevan a un tamaño mínimo 
de unos 150 centímetros. Si se va a una longitud mayor puede ser por facilidad de suavizar 
desajustes altimétricos entre ambos voladizos. Pero no hay que olvidar que el cierre en clave 


es delicado y debe hacerse en el plazo más breve posible para evitar movimientos (de origen —. . 


térmico por ejemplo) entre ambos extremos de vuelos antes de haber aplicado un pretensado 
mínimo de continuidad. El iden! es realizar el cierre cuando no exista gradiente térmico en- 
“tre las caras superior e inferior de los vuelos, pues en otro caso el estado de gradiente nulo 


introduciría ya una flexión parásita. Las horas más apropiadas para el hormigonado parecen =T 


las de la madrugada, aplicándose una fracción del pretensado de continuidad antes de que el 
sol caldee con fuerza el extradós del tablero. Aunque el hormigón de la dovela de cis- ten- 
: ga todavía una resistencia muy baja, los anclajes de los cables (presión localizada alta) están a 
alojados en el hormigón de los voladizos, ya maduro. 


Para la colocación de la armadura activa se puede proceder enfilando desde el extremó 
de un vuelo los cables que van a ser puestos en Carga entre tal dovela y su simétrica, o bien 
se pueden disponer barras en todas las vainas con manguitos de acoplamiento en aquéllas 
que deban prolongarse. En este caso, todas las vainas están suficientemente rigidizadas y no 
son de temer grandes deformaciones durante el hormigonado. Por el contrario, con el siste- 


ma de cables enfilados resulta recomendable rigidizar provisionalmente las vainas vacías - — —— 


El período normal de ejecución de una dovela es de una semana. La secuencia de opera- 
ciones incluye: Avance del carro y ajuste del encofrado: disposición de ferralla, vainas y an- 
clajes; llenado y, finalmente, tesado. 


Se procura terminar el llenado los viernes y tesar los lunes a primera hora. En los países - 
fríos todo el carro de avance constituye un habitáculo protegido térmicamente, utilizándose 
además curado al vapor para la más rápida maduración del hormigón. La resistencia mínima 
del hormigón de la dovela puede estimarse en unos 250 kp/cm? , aunque altas presiones loca- 
lizadas de anclaje pueden exigir valores superiores. Las deformaciones de flueneia en un hor- 
migón tan ioven son grandes, pero hay que pensar que en esta etapa sólo recibe una pequeña 
parte du! praiensado total que lo comprimirá en el estado final de la obra. Este irá creciendo 
con el número de dovelas, y el Proyecto tendrá en cuenta que siempre exista proporción en- 
tre el pretensado de construcción de que dispone una dovela y el esfuerzo temporal, debido 


al peso propio del vuclo y a tà carga muerta del carro de avance, que soporta. 


El pretensado vertical o inclinado de almas es relativamente frecuente en este tipo de 
tableros, ya que el espesor de aquéllas se reduce al mínimo para disminuir peso propio que 
es la solicitación fundamental. Almas de 30 cm son corrientes y rara vez se pasa de'45 ó 50 
cm en tableros de 15 m de anchura con sección cajón monocelular. El puente de Bendorf. ya 
citado, supuso en su día un record en lo que a superficie específica de alma respecta. Lla- 
mando así al cociente del área de las almas por la superficie en planta del. tablero en el vano 
se llegaba a un valor*de una milésima. Expresadu en términos más directos ésto supuso reali- 
zar almas de 37 cm de grueso con 10,5 m de altura en los arranques. Lo normal es disponer 
anchos de alma constantes a lo largo de todo el dintel por simplificidad del encofrado inte- 
rior. Sin embargo es fácil establecer regruesados en las zonas de apoyo en pilas que han sido 
hormigonadas sobre cimbra, y que sirven fundamentalmente para lograr una transmisión di- 
recta de las reacciones a las placas de apoyo. 


En sección longitudinal tenemos como recomendable la variación del canto total, éw = 
ciendo parabólicamente desde clave hasta aranques, a partir de luces de 60 m, o sea a partir 
del momento en que el procedimiento constructivo comienza a ser interesante. Es normal el 
empleo de la parábola cuadrática para el intradós, aunque alguna vez se haya empleado la 
cúbica. Esta última tiene a su favor el aumento de pendiente en los arrinques, con la reduc- 
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ción de cortante a resistir por el hormigon que ello comporta, pero en cambio supone dispo: 
ner de menos canto a cuartos de luz que suele ser la zona crítica para tal esfuerzo. El orden 
de magnitud del canto anda entre L/16 y L/20 en el arranque, y entre L/40 y L/50 en clave... 


La tabla superior suele ser constante en toda la longitüd del vuelo salvo en casos excep- 
cionales como en Bendorf donde, por necesidades de espacio para alojar todas las barras ac- 
tivas, fue regruesada en los arranques. 


Por el contrario la tabla inferior se recrece sistemática... ..c desde un mínimo de unos 
15 a 20 cm en la zona de clave hasta un máxim^ en apoyos. Sin embargo este recrecido no 
precisa comenzar en el mismo centro de vano y se obtienen buenos resultados tensionales 
iniciándolo en el cuarto de la luz..La-ley de crecimiento del espesor de la tabla debe ser en- 
tonces lineal. 


En sección transversal está clara la tendencia a reducir al mínimo el número de almas, 
aumentando al máximo su separación y los vuclos exteriores. ISurgen dos inconvenientes, de- 
rivados del aumento de flexión transversal en la tablo superior y del problema del no aprove- 
chamiento integral de las cabezas por cuestiones de ancho eficaz. Lo primero exige un cui- 
dadoso perfilado de voladizos y forjado central, siempre con canto variable y buscando en 
este último las ventajas del efecto arco, junto con el pretensado transversal necesario. Lo se- 
gundo sólo resulta sensible en las zonas de apoyo en pilas y principalmente en los voladizos. 
Puede ser considerado en el cálculo de flexión longitudinal, pero no afecta para nada a la se~ 
puridad frente al agotamiento ya que es la cabeza inferior la que suministra la resultante de 
compresiones mientras la superior Se limita a fisurarse envolviendo a la armadura de trac- 
ción. Por lo demás, parece que los estudios sobre ancho éficaz están realizados en modelos , 
elásticos, y es bien conocido el carácter elasto-plástico del hormigón que le permite readap- 
taciones y conduce probablemente a una distribución de compresiones uniforme a lo ancho 
de la tabla inferior en el estado límite último. 


En esta línea de reducir al mínimo el número de almas se ha llegado a tablero cajón 
monocelular de 26 m de anchura en Suiza (fig. 10), donde los voladizos transversales alcanzan 
7,50 metros. El llenado de la sección se realiza en 3 etapas, ter - se se trata más adelante. 
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FIG. 10-a. Puente de Felsenau (Berna). Esquema. 


Se comprende la necesidad de cuidar especialmente en estos casos la disposición de 
cables y anclajes de pretensado longitu transversal y de alma para evitar interferencias 
en la obra. Una solucióz para los tendones de alma sería disponer sus anclajes activos en el 
intradós, descongestionando la tabla superior de nichos, pero la incomodidad del tesado en 
tales condiciones hace poco atractiva esta disposición. 
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FIG. 10-b. Puente Felsenau (Berna). Esquemas 
i | : y detalles del proceso constructivo. 


1a: Hormigonado de la sección en U sobre el carro, o i 
AE HH calculado para una carga de 12,0 ton/m, conb= 11,0 m. 
1b: Retirada del encofrado interior. 


SEGUNDA FASE 


2a: Pretensado de la sección artesa de hormigón. . š: 

2b: Hormigonado del forjado central de la tabla superior. F i 

2c: Pretensado de la sección cajón así formada, y avance 
del carro. 
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3a: Hormigonado de ambos voladizos. 

3b: Pretensado final longitudinal y transversal. 
Peso total de la sección completa: 32,5 ton/m. 
con B — 26,20 m. 


Abb.3 Baiivuryany 


FIG. 10-3. Voladizo terminado. o 
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Los cables del pretensado de construcción se distribuyen cn la tabla superior O 
concentran en cartelas junto a las almas. Existen diversas posibilidades respecto a su tra 
zado en planta y consiguiente ubicación de sus Órganos de anclaje de las que la más simple 
consiste en llevarlos rectos, paralelos al eje del tablero, y anclarlos en la misma tabla supe- 
rior. Esta simplicidad se paga con los esfuerzos locales que en ésta originan los anclajes (que . 
exigen la armadura de introducción correspondiente), más un posible regruesado de dicha 


tabla en cada borde de dovela para alojar aquéllos. 


Más adecuado resulta disponer los cables de construcción con trazado convergente ha- 
cia las almas del tablero. Se eliminan los esfuerzos locales en la tabla superior, pues la acción 
concentrada del anclaje se ejerce ya en el plano vertical del atma. Y aquí caben dos variantes, 
según se haga o no descender los cables por las mismas almas. Este descenso representa cier- 
tas ventajas como son aplicar el pretensado de dovela proximo al centro de gravedad de la 
sección extrema y oblener un pequeño cortante compensador por efecto de la inclinación de 
los cables. La primera ventaja (presión uniforme) es significativa en los dinteles formados 
por dovelas encoladas pero no tanto en los que ahora estamos tratando. El cortante compen- 


sador es siempre pequeño à causa de que el número de cables que se inclinan en el plano ver- 
lo una pequeña parte del pretensado total en la sección de 


tical para buscar su anclaje es só 
a disposición de anclajés a media altura de las almas exige 


apoyo en pila. Por cl contrario, | 
us Arazzilo de los cables en planta que incluya una doble desviación para enfilar aquéllas co- 
rrectamente. Otro inconveniente a añadir es la relación necesaria entre espesor de alma y diá- 
metro del anclaje para evitar su fisuración por la fuerte presión localizada de éste. Valores 
del grueso de alma iguales como mínimo ‘a 1,5 ó 2 veces al tamaño del anclaje se recomien- 
dan usualmente. 

Queda la tercera alternativa de disponer los anclajes en las zonas de cartelas superiores 
de almas, aprovechando la existencia de una masa suficiente de hormigón en ellas. Así elimi- 
namos uno de los giros en planta de los cables, que son libres de llegar al anclaje con la incli- 
nación en plano 'horizontal que les convenga. Si, como sucle ocurrir, dado el canto de voladi- 
zos y forjados en el empotramiento en alma, la masa de hormigón es suficiente, los anclajes 
se encuentran lo bastanté envueltos, sin riesgo de fisuras locales, a condición, claro está, de 
disponer la oportuna armadura de zunchado local, de cosido de tracciones de laja en el plano 
del alma, y de absorción de las tracciones longitudinales que aparecen en las fibras del intra- 
dós de la sección extrema de la dovela. 


El pretensado de continuidad en la clave de un vano solidariza los voladizos y hace 
frente a las flexiones positivas producidas no sólo por la superestructura y la sobrecarga de 
uso, sino también por la fluencia (en la medida en que la modificación del esquema estático . 

. lleva consigo la coacción a la libre deformación diferida de ambos extremos de vuelos) y por 
el gradiente térmico producido por el soleamiento de la cara superior y la permanencia en la 
sombra del intradós que se ve refrigerado por el ambiente fresco de la corriente de agua si dé 
un puente sobre río se trata. Estas flexiones son generalmente positivas, por lo que piden ca- 
bles de pretensado en tabla inferior. Pero en el caso de un viaducto de varios vanos tendre- | 
mos también una cierta flexión negativa de sobrecarga que, à diferencia de lo que ocurre con 
el dintel ejecutado in situ, no encuentra flexión positiva de peso propio que la compense. 
Aparece así la necesidad de disponer también algunos cables superiores de cosido en las cla- 
ves. Puede argumentarse que la adaptación debida a la fluen. z. ¿ngendra allí un mínimo de 
flexión positiva, pero conviene no olvidar el carácter sumamente aleatorio de este fenómeno, 
tanto en lo que se refiere a valor final como à desarrollo en el tiempo, lo que hace muy reco- 
mendahle tomar este efecto como solicitación variable que puede, o no, actuar. 


Los cables inferiores de continuidad se alojan normalmente distribuidos en la tabla y 
bajo las almas del cajón. Aquéllos suelen tener trazado en planta rectilíneo (mientras siguen 
en alzado la curva del intradós) y se anclan escalonadamente en resaltos que pueden ser loca- 


, . . . . . oe 
(a pesar del aumento de peso) constituyen nervios de rigidizacion que 
otra posibilidad mas ventajosa 


lizados O que, mejor 
da su anchura (figura 11). Finalmente, ; 


crużan el forjado en to 
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RESALTO EN FORJADO INFERIOR 
: ANCLAJES CABLES CONTINUIDAD 


FIG. 11. Anclaje de cables de continuidad en resalto del forjado inferior. _ 
teóricame=te pero más complicada de ejecutar es llevar tales cables a anclarse en las inmedts ! 

s almas. Fliminamos así esfuerzos locales en la tabla inferior y aplicamos el pre- i 
ficiente al conjunto de la sección, pero a costa de un doble giro en | E 
yor dificultad de las operaciones de posicionamiento del gato. I 
ve sustituido por un simple recrecido de la cartela. y es- 


hura (figura 1 2): 


ciones de la 
“tensado de un modo más e 
a de los cables y una ma 
| nervio rigidizador se 
ar en cajones de gran anc 


plant 
Sin embargo, € 
ta ventaja puede compens 


CABLE CONTINUIDAD 


ANCLAJE 


(SALTO: IN CARTELA DL 


continuidad en recrecido de la cartela inferior. 


FIG. 12. Anclaje de cables de 


3l 
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ANCLAJE POSTERIOR PRETENSADO HORIZONTAL 
$ 


ede alojarse en las cartelas bajo las almas y tener . 


Otra parte de los cables inferiores pu 
un trazado compuesto por tramo central paralelo al intradós y tramos laterales ascendentes 


por aquéllas buscando los anclajes ubicados en el extradós. Estos anclajes deberán situarse 
dentro de cada dovela suficientemente alejados de su cara frontal para eliminar interferen- 
cias con los de los cables de construcción. Los nichos a que dan lugar de modo provisional 
pueden dificultar la colocación de los cables de pretensado transversal así como los de pre- 
tensado vertical o inclinado de alma. f + 

Estos cables levantados en almas son agradables desde el punto de vist? de enlace entre 
pretensados de tablas superior e inferior, ayudando a centrar la resultante en una zona próxi- 
ma al punto de inflexión. Suministran también cortante 'compensador de pretensado, aun- 
que ¿Sta ventaja se agradece más en el ahorro de armadura transversal que representa (c: + 
lada en estado límite último) que en el estado tensional de servicio, dada la reducción de an- 
cho neto del alma que la presencia — vainas conlleva. Se 

Hemos descrito antes los carros de avance que podemos denominar “clásicos”. Hable- 
| diseño de estos elementos. El carro superior difi- 


mos ahora de las tendencias actuales en e 
ja. Por ello se han desarrollado carros 


culta mucho el acceso a la dovela sobre la que se traba 
coleados (figura 13) que, al no emerger sobre el tablero, permiten prefabricar y colocar con 


PUNTOS DE REGLAJE_ 


CUELGUES — — | " 
PRETENSAi ` * “EQUIPO AUTOPORTANTE 


FIG. 13. esquema de carro de avance suspendido. 


n 


4 š 
grüa toda la ferralla de la dovela, vainas y anclajes incluídos. Se tiende incluso a que t» mis- 
l encofrado exterior, convenientemente. rigidizauas sea el alma de una pieza en 
hormigón fresco dé la nueva dovela transmitiéndo= 
Igues anteriores y empujes ascendentes posteriores. 
do en la inmediación de las almas del 


ma chapa de 
U que resiste la flexión y el cortante del 
los al voladizo de hormigón mediante cue 


Tanto el cuelgue como el apoyo se siguen disponien 
cajón. Y : 


El paso siguiente es tratar de no res 


istir todo el peso de la nueva dovela con el carro de 
avance, sino realizar ésta en dos etapas. En la primera, se llena sobre el carro la U central del 
cajón que se pretensa contra el resto del voladizo constituyendo ya una pieza resistente. So- 
bre ella se apoya a una ligera cimbra transversal que permite la realización de los voladizos 
y del forjado central, completándose la sección de la dovela (n), mientras el carro está ya 
ocupando la posición de la dovela (n + 1). Fs el viejo principio de no dimensionar las cim- 
bras para la totalidad del peso, iiv sólo para el mínimo estructural que luego es ya capaz, 
aislado o en colaboración con la cimbra, de soportar el resto de la sección. En la figura 14 se 
aprecia una disposición de este tipo, y en la figura 1C vimos un caso más sofisticado dada la 
importante anchura de sección, con llenado en 3 fases. i 
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SECCION EN U 
DE 10 FASE 


à 
FIG. 14. Esquema de tablero ejecutado en dos etapas. 


Conectada con esta tecnología de ejecución de la sección total en varias etapas, está la 
idea de utilizar elementos prefabricados para realizar la tabla superior. Al ir a fuertes separa- 
ciones entre almas el proyectista siente el deseo de nervarla transversalmente. En la figura 15 


FIG 15-a. 

Idea de tableros 
compuestos con 
elementos 
prefabricados 


en tablero 
superior E 
Uanoversal 
5 $ 2053...— 800 | 467,5 15 Ë 
1 Wes. - o ta E 
LONGITUD DOVELA = 459m ws o 2d 
15 s 195. . 30 o ls 15 
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2 PAREDES-ENCOFRADO DE 
PIEZAS PREFABRICADAS 


HORMIGON IN SITU 


ALMA DE 50 m ESPESOR 


FIG. 15-b. Detalle de sección longitudinal. 
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expongo una posible solución que podría materializarse mediante piezas en Pi o artesas inver- 
tidas prefabricadas, con paredes de unos S cm de espesor. utilizadas estas últimas como en- 
cofrado perdido. Sigue existiendo una tavia superior in situ para monolitismo y alojamiento 
do cables longitudinales de construcción. Los canales longitudinales de hormigón in situ en 
coronación de almas son el lugar adecuado para alojar sus anclajes. Transversalmente pueden © 
disponerse cables de pretensado en los canales de hormigón in situ entre artesas. "3 . 8 

Yendo más lejos, las artesas o las piezas en Pi (dos de voladizos y una de forjado) po- ` e 
drían solidarizarse entre sí constituyendo un elemento autoportante que descansa sobre las - u : 
almas de la sección en U. El eruce de las almas transversales con las longitudinales, que no 01 D 
deben cortar el trazado de los cables de construcción. puede resolverse constituyendo | z 
aquéllas como celosías metálicas en la zona de intersección. ` x 
constructiva frecuente en nuestro país, la de ejecutar z 
| curso de agua, mientras los tramos la- 
seca, se realizan sobre una cimbra tal 


Hay que citar como posibilidad 
el vano central del puente que atraviesa e 
able, pero normalmente 
Es claro que entonces puede irse a dovelas 


el encofrado y su entramado auxi- 


sobre carro 
terales que cubren la zona inund 
apovada en el suelo que se desplaza o se traslada. 
mayores en los vanos laterales desde el momento en que 
liar no cuelgan ya del voladizo recién ejecutado. Naturalmente que en este caso desaparece la 

couieniencia de la simetría en el avance a ambestados Ue la pila, pudiendo una dovela larga 

de vano lateral ser órigen de cables que mueren en varias dovelas cortas del vano central. 

va directamente a comentar el caso del Viaducto de Siegtal. en Alc- 

hasta 105 m de altura y vanos de unos 100 m de luz, se utilizó 

autolanzable. de là que pendían simétricamente respecto a la 

vos de los encofrados de las dovelas, de modo que los vue- 

soportar su peso, y esto condujo a la posibilidad de reali- f 

zar dovelas de unos 10 m de longitud con el aumento de rendimiento consiguiente (figura 

16). Pero la viga auxiliar tenía un cometido no menos importante como es el de facilitar el 

rsonas y a los materiales, resolviendo un problema de .. > 


Este punto nos lle 
mania donde, con pilas de 
una gran viga metálica auxiliar, 
pila ambos entramados constituti 
los de hormigón se veían libres de 


acceso al puesto de trabajo a las pe 
obra clásico en los procesos que arrancan independientemente en muchosipuntos. 


FIG. 16. Viaducto del Valle del Sieg. Detalle del proceso constructivo. 
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En efecto, la viga auxiliar puentea provisionalmente el vano existente entre el extremo 


del último voladizo y la cabeza de pila inmediata donde sendos voladizos van a desarrollarse. 


En una solución de este tipo hay que optimizar la longitud de dovela buscando un coste to- 
tal mínimo. Es claro que alargar la dovela tipo reduce el número de operaciones y aumenta 


el rendimiento de la obra, pero la viga auxiliar ha de hacer frente a mayores esfuerzos, lo que 


supone una inversión más elevada. Finalmente =n el proceso de lanzamiento de la viga metá- 
lica hasta ocupar la posición del vano siguiente, el tablero ya ejecutado tiene que soportar 
una carga móvil mayor, que si llegara a producir esfuerzos superiores a la suma de los futuros 

perestructura y sobrecarga obligaría a un consumo extra de mater. cs que. probable- 
mente, descalificarían al proceso constructivo. 

Como orden de magnitud, observemos que el gran viaducto del Valle del Sieg tiene 
unos 1.000 m de longitud y, al tratarse de tablero doble, el camino total recorrido vor la vi- 
ga auxiliar es de unos 2 kilómetros. 

El problema del acceso a distintas pilas fue resuelto hace anos en Alemania con el sis- 
tema de avance unidireccional, en el que el dintel se ve auxiliado con tirantes inclinados pro- 
visionales desde que el voladizo alcanza el tercio de la luz (figura 17). Este método resuelve 


FIG. 17. Avance unidireccional sobre carro, mediante tirantes y mástil provisionales. 
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también la estabilidad provisional de los voladizos, desde el momento en que deja ejecutada 
una viga contínua sobre apoyos puntuales en pilas. Su mayor inconveniente es la lentitud de 
avance al no disponer más que de un tajo en toda la obra (o a lo sumo dos, si se avanza desde 
ambos estribos). Lógicamente, este sistema ha recuperado todo su valor al aplicarse con do- 
Velas prefabricadas que permiten una progresión incomparablemente más rápida. 
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osidad, citaré el viaducto de Mangfall, en Baviera, particular por 
trata de una estructura cajón con almas en celo- : 


sía (figura 18), rara en obras de hormigón. La segunda es que fue construída con carros en 
avance en sentido unidireccional pero apoyándose en soportes de hormigón provisionales en 
lugar de utilizar cables exteriores. Fue obra que resultó compleja y cara de ejecución, y ha 


quedado como modelo único. 


Finalmente, como curi 
dos causas diferentes. La primera es que se 


ediante soportes provisionales. 


|, Avance unidireccional sobre carro m 


FIG. 18. Puente de Mangfal 


4 TABLEROS EJECUTADOS MEDIANTE DOVELAS PREFABRICADAS Y ENCOLA- | 


DAS 


s de la lentitud"de avance y, de las importantes deformaciones de: 


fluencia del método de dovelas hormigonadas sobre carro Se eliminan en gran medida con el 
uso de dovelas prefabricadas. Nacieron éstas íntimamente ligadas a la técnica del pretensado 
-(he citado ya los puente del Marne concebidos por Freyssinet antes de la Guerra mundial y 
construídos en los finales de los 40), se utilizaron con intensidad para constituir vigas biapo- 
as y reducir la inversión en encofrado) y llegaron a em- 
luctos contínuos materializados en cada dovela en 
dres). Sin embargo, en todos 
las se realizaba mediante juntas húmedas de mortero u, 


hormigón, cuyo espesor podía oscilar entre los 3 y los 10 cm. La junta húmeda soluciona el: 
contacto entte dovelas pero a cambio nos trae de nuevo los tres inconvenientes básicos antes 
citados: Tiempo de fraguado, zonas estrechas de hormigón joven y deformable, y, por ulti-’ 


mo, necesidad de colocar hormigón de calidad en obra. 


Los inconveniente 


vadas (buscando eliminar las vain 
como segmentos completos de viat 


plearse 
de la Western Avenue Extension, de Lon 


toda su anchura (caso 
estos casos, el empalme entre dove 


ard en el puente de Choissy c- 


La junta conjugada, puesta a punto por Campenon Bern 
ada dovela contra la an!+-rior, 


Roi.en 1964, supone la posibilidad de un contacto directo de c 
ya que ésta le sirvió de molde en el parque de prefabrigacion. Esta idea, muy simple a prime- 
ra vista, presenta aspectos delicados a la hora de llevarla a la práctica. Es fácil, en efecto, que 
» las variaciones termohigrométricas de ambas dovulas no sean idénticas. Es posible también 
que, por un sistema de apoyo incorrecto en el parque, la dovela joven se deforme excesiva- 


mente. š 


¿MAS 


AR A A 


Salvados estos problemas a base de un riguroso control dimensional, de calidad cons- 
tante del hormigón y del proceso de curado, así como del apilado de dovelas, quedan siem- ` 
pre-microimperfecciones entre ambas superficies en contacto que no permiten garantizar la 
estanquidad de la junta en la obra. El encolado con resinas epoxídicas es la solución adop- 
tada desde el principio en este tipo de tableros, bien entendido que la resina no viene a sus- 
tituir al mortero de la junta húmeda más que en lo que a lograr estanquidad respecta. El 
grueso de la capa de resina no debe exceder de 1 mm, pues su gran deformabilidad respecto 
al hormigón conduciría (y ha conducido en bastantes casos) a flechas excesivas en los vola- 
dizos. Su papel fundamental es absorber microimperfecciones y lograr absoluta estanqui- 
dad, básica para la seguridad frente a la corrosión del acero de pretensado que atraviesa la , 
junta. Su resistencia a tracción nu ¿> -lespreciable y ensayos realizados para la construcción 
del puente Rio-Niteroi han demostrado la perfecta transmisión'de las bielas oblícuas de com- 
presión debidas al cortante a través de las juntas, observándose una fisuración totalmente 
análoga a la de una pieza monolítica. 


Sin embargo, existe el hecho incontestahle de la gran sensibilidad que para el comporta- 
miento de la resina representan factores tales como su composición (adecuada tanto a la 
tcinjcratura del hormigón en el momento de su aplicación, como a la máxima temperatura a 
que se vaya a ver sometida la obra) y su “pot-life” o tiempo de manejabilidad que oscila en- 
tre 30 minutos y 1 hora. La limpieza, de las superficies en contacto es esencial, siendo en 
aleunos países obligatorio el empleo de chorro de arena para eliminar la lechada superficial, 
aün cuando esta operación aumente las microimperfecciones de la junta. La temperatura del 
hormigón sobre el que va a aplicarse influye en el sentido de condicionar la composición de 
iu resina (que puede variar en una misma obra al pasar de invierno a verano), y en cualquier 
caso hace prohibitivo su empleo si desciende por debajo de + 5°C. La sequedad de las super. 
ficies de la junta es otro de los puntos a no olvidar. i 


El tiempo necesario. para lograr una velliulación del 80 por 100 puede andar por las 
cuati.. horas, y a las ocho se pueden tener resistencias de 600 kg/cm?. Propiedad importante 
de la resina de cara a la tecnología del. montaje de dovelas, es el hecho de que en los prime- 
ros momentos de su empleo, antes de su polimerización, actúa como lubricante facilitando 
el movimiento relativo entre dovelas hasta su perfecto encaje. Conviene terminar indicando 
la conveniencia de que durante el proceso de reticulación toda la superficie de la junta esté 
comprimida de modo prácticamente uniforme, con vistas a lograr un espesor de cola cons- 
tante. Por el contrario, un pretensado inicial fuertemente excéntrico crearía zonas “flojas”. 


en la cara opuesta, donde acabaría acumulándose la resina, con. las malas consecuencias que : 


antes se han citado para la deformabilidad del voladizo. 


El método se aplicó por primera véz como se ha dicho, en el puente de Choissy, sobre 
el Sena, pórtico de 3 vanos con 55 m de luz el central y pilas compuestas por pantallas flexi- 
bles de las que luego se hablará. Las dovelas cubrían un cuarto del ancho del tablero, lo que 
representa una repetitividad de 4 x 2 x 2 — 16 unidades idénticas en forma dentro de la 
obra. Se prefabricaron en banco paralelo al río, se transportaron por gabarras y se montaron 
mediante grüas flotantes y un dispositivo mecánico de sujeción y encaje con la dovela pre- 
cedente (Figura 19). Obsérvese la disposición de claves € en las 4vas, diseñadas con objcto de 
lograr un ajuste perfecto entre dovelas consecutivas, pero no para transmitir las tensiones 
tangenciales de cortante,que son absorbidas en ‘parte pof el abundante pretensado oblícuo 
que cruza las juntas, y el resto por el trabajo de la resina polimerizada. Con este sistema no 
puede hablarse de fracasos cuando las condiciones de fabricación y montaje de dovelas y de 
composición y aplicación de la resina son correctas. Sin embargo, obras tan cuidadas como 
el viaducto de Oleron (1966) o el de Chillon en Montreux (1969), han tenido alguna dificul- 
tad local, siempre debida al fallo humano (y en ambos casos parece que a causa de la tempe- 
ratura de aplicación de la resina). Esto hace que hoy se tienda a eliminar tal posibilidad de 
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FiG. 1%. Puente de Choisy Le Roi sobre el Sena. Primer empleo de dovelas encoladas con juntas conjugadas. 


error a base de diseñar juntas de dovelas con un engranaje contínuo en toda la altura del al- 
ma buscando, aquí sí, la transmisión de tensiones tangenciales a su través (figura 20). 


Fig. 20. 

Dovela con 
engranaje 
continuo en 

toda la altura 

del alma, 

claves en tabla ; 
superior y marco 
de rigidez interior 
pära alojamiento 
de anclajes. 


4 
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Por lo demás, se comprende que el problema de transmisión del cortante es menor en 
ios dinteles de canto variable donde tenemos la componente vertical de las compresiones en ` 
la tabla inferior inclinada, como acción resistente interna. Pero ello lleva consigo el hecho, 
de que, si la junta de la dovela se desarrolla en toda su altura en un plano vertical, las com’ 
presiones de la cabeza inferior se transmiten oblícuas a aquélla, haciendo recomendable la 
disposición de llaves horizontales en dicha tabla. à; I I : 

Problema geométrico inherente al empleo de dovelas prefabricadas es el de la curvatura 
en planta de los puentes. lo que es hov normal en viaductos de cierta longitud. Cabe interca- 
lar entre cada cierto número de dovelas prefabricadas una junta de mortero de planta trape- 


cial, pero la solución actual es la de dar forma en planta y peralte variables a las sucesivas | 
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| un equipo de moldes móviles apropiados. El puente de 
s y radios de 350 m (figura 21) se ha eje- 


lo que puede lograrse cot 
ta en forma «ie 


re el Sena, CON plan 
do y el éxito ha sido total. 


doy elas; 
Saint Cloud, sob 


cutado de este mo 


`. adi ases iuter 


FIG. 21. Puente de Saint Cloud sobre el Sena en París. 
tituirse con paredes delgadas. 


nervar transversalmente 

ma econom ía de materiales y de peso propio. 

la de disponer marcos de rigidez interno» (figu 
den activar unà 


, de poder cons 


ntajas: adicionale 
a posibilidad de 


Las dovelas presentan Ve 
fabricación, l 


cuencia del proceso de pre 


la tabla superior (pudiendo ir con la máxi 
paraciones entre almas), así como 
y 22), lugares adecuados para disponer anclajes de pretensado que se pue 

ado el dintel pues son accesibles desde el interior de la obra. Este detalle es im- 
portante pues nos libera de la antes necesaria ecuación: “Pretensado de construccion = Pre- 
rvicio en tabla superior”. Ahora cabe disponer los tendones mínimos necesarios: 
o constructivo que se complementan una vez terminado el voladizo con los 

inferiores necesarios para las solicitaciones de servicio. 

te dovelas Mega i imamente para aumentar la 


ellas. Lógicamente, tensado se concentra en el 
conseguir que contacto sea 
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© Engranaje continuo de almas. at E 
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(A) Salida de anclaje. 
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(7) Vainas para cables de pretensado. 


FIG. 22. Dovela prefabricada con recrecidos interiores del alma. 


activa se recurre a su compresión longitudinal mediante pernos de alta resistencia (figura 
23). I : 


FIG. 23. Dovelas prefabricadas con superficies de contacto recrecidas y comprimidas entre sí con pernos. 
I | 
El pretensado longitudinal de un dintel compuesto por dovelas parece obligatorio en 


Clase L. lo que es desventaja respecto a tos construídos in situ con armadura pasiva pasante, 
que pueden proyectarse en Clase II. La Clase I trata de cubrir un posible fallo de la resina, 


porque si éste no se produce es claro que disponemos de una resistencia a tracción apreciable 


a la junta. 


La evolución de este:tipo de tablero ha ido pareja con la potencia de los medios de 
manipulación y montaje. Se ha pasado de las dovelas iniciales que cubrían 5 m de anchura 
de tablero a las de Rio-Niteroi que cubren 12 m. Hoy poden... .stablecer una clara clasifica- 
ción de estas obras en función de sus medios auxiliares. Así Choissy-le-Roi fue ejecutado con 


gabarras de transporte y grúas flotantes de elevación. Por-el contrario, en el gran viaducto de 
Oleron se utilizá va una viga auxiliar autolanzable que permitía que las dovelas llegaran a su 
emplazamiento u. 1mulivo después de haber rodado por todo el tablero construído. Es la idea 
del Siegtal aplicada a dovelas prefabricadas. La gran viga auxiliar permite el acceso a la nueva 
pila (y un dispositivo de apoyo provisional ayuda a colocar allí la dovela de arranque, espe- 
cial por varios conceptos) tanto a las personas como a los materiales (que aquí son las dove- 
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las). y al mismo tiempo actúa como elemento de suspensión provisional de la dovela hasta 
tanto ésta se vea solidarizada al resto del voladizo por medio del pretensado. La viga de mon- 
permite un avance unidireccional (si bien cada voladizo se ejecuta simétricamente), inde- 
pendiente del terreno. El transporte de las dovelas puede seguir la idea de Oleron (rodadura 
sobre el dintel ya terminado), o puede acogerse a circunstancias favorables como en el caso 
de Rio-Niteroi donde la ubicación maritima de la obra in:licaba transporte por gabarras, eli- 


_minando de paso toda dificultad de rodadura a través de ia viga auxiliar e incluso las restric- - 


ciones del peso de dovela por la capacidad portante limitada del dintel. 


La misma restricción aparece en lo que al proceso de lanzamiento de la viga auxiliar 
respecta. Surge así la evolución que se observa en la concepción de estos grandes elementos, 
consistente en pasar de la viga de Olcron (figura 24) que rueda sobre el propio tablero para 


Ph y “32986 BRAE i G POET ABBE”. e IE SURPRIS AO 


FIG. 24. Puente de Olerón. Viga auxiliar de montaje de dovelas. 


> 


+ ocupar la posición de la pila siguiente, hasta la de Rio-Niteroi que, al tener una longitud 
superior a 2 vanos, permite su lanzamiento: mediante rodadura sobre cojinetes fijos dispues- 
tos en la vert  * Je las pilas con lo que se elimina todo esfuerzo de montaje en el tablero ya 
ejecutado. De este modo desaparece toda restricción en cuanto al peso del elemento auxiliar 
en el aspecto técnico, si bien se plantea el serio problema económico de amortización de una 
inversión cada ve; .. ., or. En la ., ura 25 se puede ver el esquema de funcionamiento de una 
viga de este tipo. 
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FIG. 25. Esquema de montaje con dovelas ton viga auxiliar diseñada para ser lanzada sin engendrar flexiones 
en el tablero. f 


La dovela de cabeza de pila es especial por diversos motivos. Dispone de diafragma in- 
terno (uno o dos. como luego veremos) o marcos de rigidización, y tiene que estar prevista 
para su empotramiento provisional o detinitivo en pila. Su peso puede ser tan elevado res- 
pecto a la dovela tipo que lleva a veces a subdividirse longitudinal: nte en dos mitades, 
abarcando cada una la mitad del ancho de la pila (figura 26). 


FIG. 26. 
Dovela de 
cabeza de 

pila subdividida 
en dos mitades. 


Ll cierre en clave puede resolverse bien con una dovela adecuada (las claves de alma 
normales impedirían su posicionamiento). bien con una pequeña franja hormigonada in situ. 
ln Re `i roi se fué a esto último, con un ancho de sólo 40 em. Obsérvese que con tan cor- 
ta longitud los cables de solidarización de las dovelas no pueden terminar en sus caras fronta- 
les pues faltaría espacio para alojar los gatos. Es la ventaja del empleo de recrecidos interio- 

¿res tan faciles de incluir en piezas prefabricadas 
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Hemos hablado antes de la conveniencia de una presión uniforme en la junta entre do- . 
velas durante el proceso de polimerización de. la cola. Esto es algo difícil de obtener con un 
pretensado de construcción aunque sus anclajes se lleven al centro de gravedad de la cara ex: 
trema, pues en la junta anterior (la que està .....;iando) tendremos ya una inevitable excentri- 
cidad positiva. Para evitar este inconveniente se está recurriendo a dispositivos de solidariza- 
ción provisional como el de la figura 27, en el que las acciones F, y F, se gradúan de modo 
que el polígono de fuerzas que forman con el peso propio de la dovela y con una reacción 
que pase por el centro de la cara inferior de la elave (ünica superficie capaz de dar reacción 


(J) 


FIG. 27. Fsquema de solidarización provisional de la dovela tendente a lograr espesor uniforme en la pelícu- 
la de resina. 


FIG. 28. Esquema de avance unidireccional con dovelas prefabricadas y tirantes y mástil provisionales. 
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con compuncite vertical por efecto de la lubricación de la resina) se cierre con una compo- 
ner: te horizontal próxima al centro de gravedad de la sección. : 


Citaremos finalmente la tecnología de avance unidireccional sin vika auxiliar y con el 
empleo tan solo de un mástil auxiliar y tirantes exteriores inclinados que ya vimos en el 
apartado de dinteles ejecutados in situ, donde la lentitud de avance inherente al sistema le 
ha hecho caer en desuso. La prefabricación elimina por completo este inconveniente. Fren- 
te a ta dovela semanal in situ tenemos las 2 6 3 dovelas colocadas por día que se alcanzan 
con la prefabricación. Añádase la facilidad para disponer en la tabla superior de las dovelas 
lo: dispositivos de anclaje adecuados para los tirantes .exteriores provisionales (que se an- 
clan primero en una dirección y luego en la contraria) y tendremos una explicación comple- 
ta del éxito de esta técnica utilizada profusamente en Francia por largos viaductos con iuces 
medias (40 a SO m). Fl atirantamiento exterior viene a hacerse necesario a partir del tercio 
del vano en construcción y a partir de ahí se avanza según el esquema de la figura 28. En el 


instante anterior a alcanzar la pila siguiente, tal esquema conduce a que la casi totalidad del 

peso propio ce los dos vanos que enmarcan la pila que soporta el mástil provisional sea ab- |. ` 
. »orbido por ella. Se trata de un axil superior al de servicio pero actuando con excentri- 

dad longitudinal teóricamente nula. Por ello no suele ser solicitación crítica que obligue a 

aumentar las dimensiones del soporte. A observar también que el empotramiento de estabili- 

dad prov og ontre dintel y pila desaparece,con lo que ésta se ve libre de flexiones parási- 

tas de construcción. f 


[-1 transporte de dovelas se realiza por la superficie contínua del dintel terminado y li- 
bre (salvo tirantes) de todo obstáculo. Un ingenio orientable (figura 29) anclado en la última 
dovela realiza el posicionamiento de la próxima. El emplazamiento transversal de esta má- 
quina debe estudiarse para que durante el giro de su brazo cargado se engendren los mínimos 


" torsores en el tablero, y ello contando con el propio peso de la misma. 
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FIG. 29. Esquema de disposición de mástil y cables auxiliares, y funcionamiento del ingenio de colocación 
du dovelas. f 


En 
| X 5. SECCION TRANSVERSAL DE DINTELES EJECUTADOS POR AVANCE EN VOLA- 
| [à DIZO 

| I En la figura 30 se indican las secciones de arranques de puentes importantes como Ben- 
a dorf y Hamana realizados in situ. La sección cajón monocelular resuelve perfectamente an- 
chos de tablero de 15 m, aunque en la misma figura puede verse una sección estudiada por el 
autor para un ancho de 17,35 m y la del puente de Felsenau en Beina, con ancho de 27,60 
m. El nervado transversal del tablero superior es poco corriente en esta familia, si bien se ha 
empi ado en alguna ocasión. Es manifiesta la tendencia a reducir al mínimo el nümero de 
almas. buscando la máxima simplicidad constrectiva. 
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FIG. 30-b. Puente de Hamana. 


144 


SECCION APOYO EN PILA 2 SECCION CLAVE VANO CENTRAL 
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We t 100 y” ATT - 


1000 


FIG. 30-c. Puente sobre el río Ebro en Zaragoza. 


410 


FIG. 30-d. Puente Hammermühle, entre Zurich y Winterthur. 


ln la figura 31 se exponen distintas secciones transversales de dinteles ejecutados me- 
diante dovelas prefabricadas. Puede verse la evolución desde Choissy-le-Roi con doble viva 
cajón por tablero hasta Saint Cloud con viga única tricelular cuyo aspecto exterior es de una 
eran calidad plástica. En Saint André de Cubzac se ha aplicado la idea de nervar transversal- 
mente la tabla superior dando espesor mínimo al forjado de la misma. 
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2.50m- 3.40m 
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FIG. 31. Secciones de puentes con dinteles compuestos por dovelas prefabricadas. 


Finalmente. en la figura 32 


E 


se minestra el diseno de dovela del puente Sallingsund ( Di- 


namera) realizado por Campenon Bernard. Se aprecia el nervado de la tabla superior, el en- 


erecidos internos para alojamiento de anclajes de cables de continuidad. 


v 


146 


A AR CRA 


| "INNEN 
| | 


i i 
i »50 . + A _ . | van. ; aso , | jo mme». + 
f ! | 


FIG 32. Dovela del puente de Sallingsund. Engranajes continuos en almas y claves en tablas superior e infe- 
rior. Nervaduras en forjado superior y recrecidos para alojamiento de anclajes en cartelas ir; eriores. 


6. PILAS DE PUENTES CONSTRUIDOS POR AVANCE EN VOLADIZO 


Estamos frente a una tecnología que. en general, precisa dar estabilidad provisional a 
los voladizos hasta que por cierre en clave y empalme en zonas finales constitivan dinteles 
continuos. 


lllo se logra en pilas de poca altura mediante un apoyo auxiliar con brazo suficiente 
respecto a ésta para absorber los pares derivados de pequeños desequilibrios. Los apoyos 
provisionales metálicos son fáciles de ejecutar pera presentan la pega de su gran elongaBili- 
de! + variación térmica que se traduce en fuertes movimientos del tablero. Son’ preferibles 
los apoyos provisionales de hormigón que en caso de que puedan llegar a quedar tracciona- 
dus se precomprimen suficientemente. ' 

En pilas de cierta altura el apoyo auxiliar comienza‘a ser caro. Por ello se ro irre a dise- 
har pilas que puedan empotrar al tablero de un modo provisional o definitivo. Los primitivos 
puentes que utilizaron esta técnica estaban concebidos como suma de Tés compuestas por 
soporte y ménsulas, enlazadas en clave por articulaciones deslizantes que aseguraban la con- 
inuidad de la ordenada pero no de su pendiente y que, a largo plazo, han conducido a fuer- 
tes deformaciones (que, por ejemplo, son perfectamente visibles en el viaducto de acceso al 
uran puente colgante sobre el Tajo, en Lisboa). Se ha reaccionado frente a ello con la conti- 
sei ul en clave. lo que nos conduce al pórtico.en el que-tatibertad de acortamiento del din- 
queda coartada y se engendran esfuerzos parásitos importantes. Sólo puentes de tres va- 
nes con alturas de pila considerables admiten cómodamente este esquema estático. f 


te 


Fn Choissy se desarrolló la solución de puente pórtico, con pilas compuestas por panta- 
ll. xibles dobles que convergen hacia la base (figura 33). Aparte de las consideraciones de 
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FIG. 33. Puente de Choissy Le Roi. 


que un dintel realizado mediante dovelas prefabricadas sufre un menor acortamiento elásti- 
co a causa del pretensado de continuidad, un menor acortamiento diferido tras el cierre en 
clave, y una menor retracción residual, existe el hecho de que la pila de pantallas desdobla- 
das funciona como empotramiento casi total para las flexiones del dintel (su elasticidad al 


giro proviene de la elongabilidad axil, muy pequeña, de ambas pantallas) y, al mismo tiem- . 
. po, permite corrimientos horizontales del tablero con esfuerzos no excesivos. En cualquier 


caso, la inclinación de las pantallas hace que estos corrimientos conlleven otros verticales 
que i agendran flexión en aquél. Su resistencia frente al frenado se basa también en la movili- 
zación de la rigidez de flexión del tablero al sufrir todo el dintel un corrimiento horizontal. 


Otra particularidad de este tipo de pilas es que, en cierta medida, permiten centrar la resul-. 


tante a un determinado nivel, que, como deseable, sería el plano de cimentación. 


Es, como queda diclio, solución más flexible que la de pila rígida hueca de sec- 
ción celular, pero no se ha desarrollado más que en puentes de 3 vanos. Y, aia en 
estos casos, con operaciones de cierre en clave tendentes a recuperar parte del acor- 
tamiento previsible, actuando como en: los arcos con- gatos, planos. Por lo demás, la 
doble pantalla esbelta precisa de un arriostramiento provisional metálico durante la 


ejecución de los voladizos. En el caso de puentes de mayor longitud cabe configurar como ` 


pórtico sólo el vano central, disponiendo apoyos con libertad de corrimiento horizontal en 
las demás pilas. El punto fijo quedará en el centro del puente si éste es simétrico y las pilas 
que enmarean el vano central serán las encargadas de absorber las fuerzas de frenado y sis- 
mo. En la figura 34 puede verse un disefio de este tipo, al que CUNT la sección trans- 
versal (c) de la figura 30. 


E 
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El paso siguiente es convertir la doble pantalla en vertical con lo que los corrimientos 
horizontales impuestos no engendran verticales y, por consiguiente, no se induce flexión pa- 
rásita en el dintel. Es la solución ideal para viaductos largos y de suficiente altura sobre el 
t. icno. Las pantallas se realizan con encofrados deslizantes disponiendo arriostramientos 
provisionales entre ellas (figura 35), sobre sus cabezas se instala una plataforma que permite 
ejecutar la dovela de arranque, y esta! os en condiciones de volar en ambas direcci snes. A 
medida que los diversos vuelos se solidarizan por el pretensadu de continuidad se van retiran- 
du los arriostramientos entre pantallas para permitir el acortamiento del dintel. ^ 
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500 m sin juntas transversales. Estas se dispo- 


nen en las proximidades del punto de momento nulo, buscando reducir al mínimo las de- 

formaciones diferidas, con la clásica solución del apoyo a media madera y aparatos elasto- 

méricos correspondientes. Al revés de lo que"ocurría con las pantallas convergentes, ahora . 
carecemos de mecanismo resistente al frenado (salvo el de flexión propia de cada pantalla), 

lo que hace necesaria una pila fija por trame ,..- puede constituirse con la pareja de panta- 

llas contraventeadas por otra normal formando una H en planta. La flexibilidad horizontal 

de las pantallas se regula disponiendo articulación plástica en su cabeza, o bis. aculándolas si 

sin cortas. Aspecto importante y ventajoso es que tanto aquí como en las pantallas conver- 

gentes han desaparecido los aparatos de apoyo. | 


No suele pasarse de longitudes de 400 ó 


Queda finalmente | 
potramiento a flexión del tablero pe 


a solución de pila rígida (sección celular) en la que M establece em- 
rmitiendo sin embargo los corrimientos horizontales ini- 
puestos. Ello se logra apoyando el dintel en una doble fila de apoyos elastoméricos. La esta- 
bilidad tic.... al despegue por sobrecarga longitudinalmente exc „urica viene del peso propio 
que es la carga predominante y actúa centrada. La separación mínima entre líneas de apoyos 
viene condicionada precisamente por la seguridad frente al despegue, que equivaldría a una 
modificación del esquema estático previsto. Hay que hacer notar, sin embargo, que con un 
dintel contínuo el par transmitido a la pila a través de los neoprenos disminuye a medida 
que aumenta la flexibilidad de ésta, que, en consecuencia, es un factor de aumento de esta- 


bilidad en servicio. ; 
Durante la ejecución de los voladizos es recomendable, para evitar vibraciones y aumen- 
hormigón zunchado, con pretensado vertical., Al 


tar la seguridad, apoyarlos sobre calas de 
apoyos elastoméri- 


final, mediante gatos planos, se sustituyen las calas provisionales por is e 
cos definitivos. En la figura 36 puede verse un esquema de cabeza de pila organizada para lle- 
var à cabo esta operación. Un método elemental que está dando buen resultado consiste en 
repicar perimetralmente las calas de hormigón haciendo que aumente la presión sobre el nú- 
cleo restante hasta que se produce su aplastamiento y el tablero pasa “posar, sin apenas 


movimiento altimétrico, sobre su. apoyos definitivos. 


o) en phase provmome 


O 
barres de 
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verns plbta 


, tales en baton Nene 


FIG. 36. Disposición de cabeza de pila con doble línea de apoyos elastoméricos. 


ls importante observar que; considerando elemento estructural único la pila más los 


aparatos elastoméricos de apoyo. las cc antes elásticas dependen fuertemente del área y 
espesor de estos últimos. En particular. : eficiente «le transmisión es muy sensible al gru& 
sot caucho y ello puede permitirnos ` la flexión de la pila sobre el terreno en el esta- 


¿o permanente de la obra. 


Factor a considerar como esencial en el diseño de pilas de gran altura es la acción del 
Corminado el dintel. se aprovecha como viga rígida trabajando en su plano horizontal 
ia cual dispondremos las coacciones eportinas alrmovimiento transversal en los estri- 
ales, donde cabe incluso no conformarse con un apoyo simple y buscar un empotra- 
qyoento de eje vertical que reduce la flecha horizontal en el centro al quinto del caso ante- 
200 fo que suele bastar para la estabilidad de las pilas. Sin embargo, durante el proceso 
vonsiruetivo, tenemos Tes aisladas en las que. a medida que avanzan los vuelos, la superficie 
opis al viento es mayor. Tenemos así, antes de la solidarización de todo el dintel, la si- 
teen crítica en la que existe máxima fuerza horizontal sobre tablero y “también máxima 
“o vortical en punta. factores ambos que pueden conducir a la inestabilidad. Con pilas de 
DC zo de altura se ha pasado de pantallas desdobladas, a pareja de soportes en H suficiente- 
mosto flexibles en dirección longitudinal pero con cabezas amplias frente a flexión transver- 
"sura 37). El cálculo dn teoría de segundo orden debe llevarse a cabo con secciones fisu- 
teo diagramas reales de tensión-deformación tanto en el hormigón como en las armaduras 
~:perficies reales (Axil-Fleetor-Curvatura en las distintas secciones). La no linealidad de 
is fnomenos de inestabilidad. elástica se acentúa cuando se trata de un material fisurable y 
Je comportamiento complejo camo es el hormigón armado. y aceptar simplificaciones ex- 
cos puede dejarnos del lado de la inseguridad. 
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- FIG. 37. Viaducto de.Magnan. Pilas compuestas por doble pantalla de Sección en l. 


Por lo demás, merece la pena comentar algo sobre las dovelas de cabeza de pila en el 
caso de los puentes pórtico, en los que la sobrecarga introduce desequilibrios de flexión a 
uno y otro lado de aquéllas, siendo absorbido por la pila el flector diferencia entre los de 
ambos arranques. Exteriormente . | este flector se materializa por el par de reacciones 
+ (AM)/s en el caso de que el tablero venga apoyado en doble fila de placas elastoméricas 
vxpariadas (s) en sentido longitudinal. Pero las solicitaciones internas que la transmisión de 
este par impone dependen de la configuración del dintel en la cabeza de la pila. 


Por ejemplo, en la figura 38a vemos un dintel organizado a base de doble diafragma ver- 
bec sobre ambas líneas de apoyo Si los flectores de arranque en una ucterminada hipótesis 
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M) el equilibrio exigirá transmitir el par (A M) hasta las placas de 
ello se consigue con el par interno compuesto por las fuerzas T 
que Iri = Icl = ^ Mz. Claramente se ve que el recuadro de almas 
comprendido entre los diafragmas verticales está sometido “iu fuerza cortante horizontal T 
^ngendra las tensiones tangenciales horizontales y verticales correspondientes. La con- 
una disposición de diafragmas como los de la figura en cuestión obliga a 

los recuadros de almas citados, y 


derable, horizontal y vertical, en 
éstas para reducir el riesgo de fisuración en servicio. - 


de carga son (M) y (M+ A 
apoyo. Esquemáticamente, 
superior y € inferior tales 


1 — Ft 


que 
secuencia es que 
una armadura pasiva consi 
a dar un espesor mínimo de hormigón a 
e la figura 38b en la que los diafragmas se 


Un cambio, con una disposición Como la d 
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FIG. 38-a 


a la pila del par desequilibrado. 


ticales O inclinados. Transmisión 


FIG. 38. Dovela sobre pila con diafragmas ver 


° 


nemos un camino directo para transmitir I 


k. . 
1do una triangulación, te 
avés de axiles. Claro que ésto sería 


disponen inclinados format 

el par desequilibrado (A M) hasta las placas de apoyo a tr 

cierto en el caso de que tuvieramos una triangulación exenta, mientras que en realidad ésta 
terminar en qué proporción se transmite el 


se halla rigidizada por los planos de las almas. De 
ráves de tensiones tangenciales es problema elás=' 


quilibrado a través de axiles y a t 

tico complejo que hoy puede analizarse correctamente mediante un programa de elementos 
finitos. Sin embargo, dada la capacidad de adaptación interna del hormigón armado, no es 
demasiado grave realizar alguna suposición lógica (tal como repartir la fuerza T de modo que 
se produzca la compatibilidad de corrimiento horizontal en la cabeza de ambos sistemas es- 


tructurales) y armar en consecuencia. 
A las consideraciones anteriores habrá que añadir las relativas a la flexión de los dia- 
los apoyos que puede ir desde 


fragmas en el plano transversal, función de.la disposición de 
dos placas aisladas por línea hasta un cje contínuo. De modo que la cabeza de dintel sobre 


pila deberá ser contenfplada, con las simplificaciones anteriores, como un entramado espa- 
cial en el que una posible quilibra los esfuerzos entre am- 


flector dese 


torsión transmitida a la pila dese 


bas almas. . 


° 


7. PREVISION Y CONTROL DE FLECHAS DURANTE LA EJECUCION 


La cuestión se plantea en términ: generales como el deseo de tener a tiempo infinito 

(dos o tres años después de acabada la obra en realidad) un determinado perfil longitudinal: 
en la misma. Parte de las deformaciones del dintel tienen lugar después del cierre en clave, 

pero son una pequeña fracción de las totales y además no crean problema de discontinuidad 

geométrica en la rasante. El problema más serio se presenta cuando ambo: voladizos llegan a 

clave con un desnivel apreciable, o cuando no existe tal desnivel pero ambos se alejan nota- 

blemente:de la línea teórica. Aunque luego veamos algún método para tratar este problema, 

es fundamental la estimación previa de las sucesivas deforma:tas del voladizo y su control 

durante la ejecución. 


Para tal estimación nos basamos en.las deformaciones elásticas debidas al peso propio ^ 


del tablero y del carro si existe, asícomo del pretensado de construcción. Tenemos también 

en cuenta las deformaciones diferidas que se inician inmediatamente de aplicado un intere- 

mento de esfuerzo a una sección dada, y L, pérdidas de tensión en el acero duro. Veamos de 
x< rápido cuántos factores influencian nuestros cálculos: 


4) Módulo elástico instantáneo del hormigón, función de su edad que es variable en ca- 
da dovela a lo largo de la ejecución del voladizo. 


b) Coeficiente Go) de fluencia, función también de la edad del hormigón al ser cargado 
así como de las condiciones climáticas, composición de aquél. espesor medio de la pieza, etc. 
) 


c) Velocidad de desarrollo uy (v) en el tiempo. 


d) Evaluación de las pérdidas de tensión en el acero duro (rozamiento, relajación, re- 
tracción, ' acia) y de la velocidad a que se producen las tres últimas. 


A la vista de ello, es clara la conveniencia de realizar ensayos previos a toda obra impor- 
tante, con los materiales reales que en ella se van a utilizar. De este modo podremos partir de 
unos valores probables en los parámetros básicos anteriores. 


La solución teóricamente correcta es construir un modelo matemático basado en la teo-. 
ría de la fluencia lineal (que no permite superponer esfuerzos aplicados sobre una misma sec- 
ción en instantes diferentes) del que deducimos las sucesivas deformadas que toma el voladi- 
zo en las distintas fases de su ejecución. Pero en este modelo hay numerosos parámetros y 
leyes de variación con el tiempo de carácter sumamente aleatorio. Ll control de flechas sirve 
para tratar de ajustar tales parámetros y leyes a la realidad de nuestra obra en sus primeras 

ado las deformaciones son todavía pequeñas. El sistema es modificar valores y 
leyes en nuestro programa hasta =. entrar una aproximación suficiente a la realidad. f 


Merecen una consideración especial los siguientes aspectos: 


a) Incluir la deformación debida al esfuerzo cortante, que puede ser mayor que la de 
flexión en voladizos cortos. 


b) Medir las flechas encima de las almas de la sección transversal y no en el centro de 
un forjado o punta de vuelo que tienen sus deformaciones propias.——- — -7 I 


c) Tener presente los efectos del soleamiento que por gradiente téiiuco hace descender 
los voladizos. El ideal es controlar flechas de noche cuando tal gradiente sea mínimo. 


d) Añadir a la contraflecha teórica la debida a la deformación propia del carro de avan- 
ce que puede ser importante dado que sus materiales resistentes se aprovechan al máximo. 


Para hacer coincidir dos valadizos desnivelados existen métodos tales como introducir 
un pretensado recto ... la tabla superior del más bajo, siempre que el estado tensio- 
nal de la obra lo permita. En este sentido puede ser recomendable dejar alguna vaina vacía 
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CHAPTER 1 


DEVELOPMENT OF PRECAST 
SEGMENTAL BRIDGE CONSTRUCTION 


14 Introduction 


The earliest known application of precast seg- 
mental bridge construction was a single span 
county bridge in New York State built in 1952. 
The bridge girders were divided longitudinally into 
three precast segments which were cast end to end. 
After curing, the segments were transported to the 
job site where they were reassembled and post- 
tensioned with cold joints. 

The development of long span prestressed con- 
crete bridge construction techniques in Europe is 
outlined in the Foreword, Of particular signifi- 
cance was the development of cast-in-place canti- 
lever segmental construction in Germany by the 
firm of Dyékerhoff & Widmann, Inc. The technolo- 
gy of cast-in-place segmental construction was 
adapted and extended for use with precast seg- 
ments in the Choisy-le-Roi Bridge over the Seine 
River south of Paris in 1962. The Choisy-le-Roi 
Bridge, designed and built by Enterprises 
Campenon Bernard, is shown in Fig. 1.1. Several 
other structures of the same type were built in due 
course. At the same time, the techniques of pre- 
casting segments and placing them in the structure 
were continually refined. 

. A major innovation for construction of precast 
segmental bridges was the launching gantry which 
was used for the first time on the Oleron Viaduct, 
shown in Fig. 1.2, which was built between 1964 
and 1966. The Oleron Viaduct launching gantry 
is ‘shown in Fig. 1.3. The launching gantry makes it 


possible to move segments over the completed part 


of.the structure end place them in cantilever over 
successive piers. Use of a launching gantry per- 
mitted completion of the Oleron Viaduct at an 
average of 900 linear feet (270 m) of finished deck 
per month. While the launching gantry is 8 very 
useful means of erection in many cases, erection 
can also be accomplished by use of cranes and 
other means as described in Section 4.3. 

Experience with major precast segmental bridges 
in Europe allowed the refinement of the construc- 
tion process. Improvements were made in precast- 
ing methods and in the design of erection equip- 
ment to permit use of larger segments and longer 
spans, and which could accommodate horizontal 
curvature in the roadway alignment. 

The technique of precast segmental construc- 
tion not only gained rapid acceptance in France 
but spread to other countries. For example, the 
Netherlands, Switzerland and later Brazil and New 


Zealand adopted the method. Many other 
countries are today using the precast segmental 
techniques for various applications. The first 
known application of precast segmental box girder 
bridge construction in North America was a high- 
way bridge over the Lievre River in Quebec. The 
Lievre River Bridge was built in 1967 and has a 
main span of 260 ft. (79 m) with end spans of 130 
ft. (40 m). The Bear River bridge near Digby, Nova 
Scotia, shown in Fig. 1.4 contains six interior spans 
of 265 ft. (81 m) and end spans of 203 ft. (62 m). 
The Bear River bridge was opened to traffic in 
December 1972, 4 

The first U.S. precast segmental box girder 
bridge was built near Corpus Christi, Texas and was 
opened to traffic in 1973, The Corpus Christi 
bridge, shown in Fig. 1,5, has a central span of 200 
ft. (61 m) and end spans of 100 ft. (30.5 m), Sub- 
sequent 1o the Corpus Christi bridge, precast 
segmental bridges have been completed in Indiana 
and Colorado, and a bridge of this type is now 
under construction in Illinois. A simple span pre- 
cast segmental bridge has been constructed at the 
Pennsylvania State University test track as a re- 
search project sponsored by the Federal Highway 
Administration and the Pennsylvania Department 
of Transportation. Numerous orecast segmental 
bridges heve been designed for other locations in 
the U.S. and Canada, and it is expected that this 
technique will be widely used in the years ahead. 


1.2 Types of Precast Segmental Construction 


Two main types of precast segmental bridge 
construction have developed which may be differ- 
entiated by the use of either cast-in-place concrete 
or epoxy joints. I 

A number of precast segmental bridges have 
been built using cast-in-place joints 3 to 4 in, (76 
to 102 mm) wide between segments. This procedure 
eliminates the need for match-casting and reduces 
the cimensional precision requ red in casting the 
segments, but it has major disaclvantages including 
the requirement of falsework to support the seg- 
ments while the cast-in-place joint cures, and sub- 
stantial reduction in construction speed. On 
balance, the use of cast-in-plac2 joints is not gen- 
erally attractive and for this reason this type of 
joint will not be considered fur :her in this manual. 

The prevailing system of precast segmental 
bridge construction uses an epoxy resin jointing 
material. The thickness of the epoxy joint is on the 
order of 1/32 in. (0.8 mm). The use of an epoxy 
joint requires a perfect fit between the ends ot 
adjacent segments. This is achieved by casting each 
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segment against the end face of the preceding one 
(match-casting) and then erecting the segments 
in the same order in which they were cast. This 
manual will consider only design and construction 
techniques for bridges using match-cast segments 
and an epoxy resin jointing material. 


T3 Advantages of Precast Segmental 
Bridge Construction 


The advantages of the use of precast segmental 

construction techniques to the bridge engineer are 
as follows: 
1. The economy of precast prestressed concrete 
construction is extended to a span range of 100 to 
A00 ft. (30 to 120 m), and even longer spans may 
be economical in circumstances where use of heavy 
erection equipment is feasible. 


2 The precast segments may be fabricated while 
the substructure is being built, and rapid erection 
of the superstructure can be achieved. 


3. The method makes use of repetitive industria- 
lized manufacturing techniques with the inherent 
potential for achieving high quality and high 
strength concrete. 


4.The need for falsework is eliminated and all 
erection may be accomplished from the top of the 
completed portions of the bridge. These aspects 
may be particularly important for high-level cross- 
ings, in cases where it is necessary to minimize 
interference with the bridge environment, or where 
heavy traffic must be maintained under the bridge 
during construction. 


5. The structure geometry may be adapted to any 
horizontal or vertical curvature or any required 
roadway superelevation. 


6. The effects of concrete shrinkage and creep may 
be substantially reduced both during erection and 
in the completed structure because the segments 
will normally have matured to full design strength 
before erection. 


7. Except for temperature and weather limitations 
related to mixing and placing epoxy, precast seg- 
mental construction is relatively insensitive to wea- 
ther conditions (see the weather restrictions on use 
of epoxy in Appendix Section AA). 


8. The esthetic potential of concrete construction. 


9. Enhanced durability of bridge decks through 
precompression of the concrete and elimination of 
cracking, and through use of high quality concrete 
produced under conditions that permit a high level 
of quality control. 


The primary disadvantages of precast segmental 
construction relate to the need for a somewhat 
higher level of technology in design, and the neces- 
sity for a high degree of dimensional control during 
manufacture and erection of the segments. At the 
moment, the temperature and other weather 
restrictions of epoxy jointing materials is also a 
limiting factor. The large number of successful 
projects in Europe and other parts of the world, 
and the growing number of completed projects in 
North America suggest that these obstacles will not 
inhibit rapid growth in the use of precast segmental 
bridge construction. 


1.4 Alternate Design Proposals 


Up to the present time, precast segmental bridge 
projects in North America have been primarily 
selected as the result of competitive bidding against 
other superstructure types. Given the aconomis 
conditions of the forsseable futura, it is falt appro- 
priate that alternate proposals for any type of 
superstructure should be permitted at aither the 
owners or the contractors option on all major 
bridge projects. Such a procedure would enhance 
competition, minimize construction costs, and 
encourage the innovation necessary to assure 
progress in the development of bridge construc- 
tion techniques. To the fullest extent practicable, 
the contract documents should permit reasonable 
flexibility in span arrangements and other details 
necessary to assure economical application of alter- 
native construction techniques. As one example of 
this point, the optimum ratios of end spans to 
intermediate span for three-span continuous rein- 
forced concrete or structural steel bridges are 
usually not economical for segmental construc: 
tion. For economy of a three-span precast segmen- 
tal bridge erected in cantilever, the end spans 
should be approximately 50 percent of the length 
of interior spans. Of course, in long viaducts a 
portion of the end span can be built on falsework 
without significantly affecting the overall structure 
economy. However, generally t is not equitable to 
select structural parameters to maximize economy 
of one type of construction, end then require that 
any alternate design conform precisely to those 
parameters (presuming some flexibility is per 
mitted by the factors controlling the structure 
geometry). 
lt must also be recognized that use of alternate 
designs may entail some disadvantages. In particu- 
lar, additional engineering costs may be involved. 
Value engineering incentive clauses providing for 
alternative designs normally consider the additional 
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Fig. 1.7 -- Rhone — Alpes MO es Overpasses, Switzer- 
land 


Fig. 1.8 — Rhone -- Alpes Motorway Overpasses, Switzer- 
land!” 


period. The bridges are three-span structures with 
main spans ranging from 60 to 100 ft. (18 to 30 
m). The construction procedure for the Rhone- 
Alpes bridges is shown in Fig. 1.6. Significant fea- 
tures of these bridges include the complete elimina- 
tion of the normal closure joint, and the use of 
conventional  post-tensioning tendon profiles 
instead of the cantilever type tendon arrangement. 
Stability during construction is provided by tem- 
porary supports close to the piers as shown in Fig. 
1.7, and by temporary post-tensioning bars 


anchored along the deck surface as illustrated in 
Fig. 1.8. The total construction time for a single 
overpass (foundations, piers, and .superstructure) 
using this technique is less than 2 weeks. 

A procedure for precast segmental construction 
developed primarily for the span range of 100 to 
160 ft. (30 to 50 m) is the concept of progressive 
placing discussed in Section 4.3.4. With this proce- 
dure, segments are placed continuously from one 
end of the deck to the other in successive canti- 
levers on the same side of the various piers rather 
than in balanced cantilever at each pier. 


1.6 Applications of Precast Segmental 
Construction in North America 


1.6.1 Lievre River Bridge, Quebec 


The Lievre River Bridge in Quebec, shown in 
Fig. 1.9, was the first North American bridge of 
precast segmental box girder construction. The 
bridge, which was completed in 1967, utilizes a 
two-cell box section and has spans of 130 ft. — 
260 ft. — 130 ft. (40-79-40 m). The 92 ton 
(84 t) pier segments of the Lievre River Bridge 
were cast-in-place on the piers and the remainder 
of the superstructure was match-cast using a cast- 
ing bed set up on the river bank. Typical segments 
of the bridge were 9 ft. 6 in. (2.8 m) long and 
weighed from 38 to 52 tons (35 to 47 t). The 
casting of segments extended from January 
through June. During the winter months, the cast. 
ing operation was protected by an enclosure of 
plastic sheeting supported on reusable steel trusses. 
The enclosure was assembled in sections 20 ft. 
(6.1 m) long and was lifted by crane to the 
required location as work advanced. Under normal 
weather conditions, the erection pace for the 
bridge was two segments per day, Erection began 
in August and the bridge was completed the same 


autumn, 


Fig. 1.9 — Lievre River Bridge, Quebec. 
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1.6.2 Bear River Bridge, Digby, Nova Scotia 


A precast segmental superstructure was selected 
for the Bear River Bridge near Digby, Nova Scotia, 
when alternate bids found precast segmental 
construction at $3.36 million, compared to the low 
bid for a steel structure of about $3.60 million, 
Another motivation for selection of the precast 
superstructure was the fact that Nova Scotia does 
not have steel fabricating facilities that would have 
accommodated the Bear River Bridge. This meant 
that the money for superstructure labor and 
materials would largely have been spent outside 
the Province. On the other hand, selection of the 
precast segmental superstructure resulted in use of 
predominantly loca! labor sources and local 
materials. The combination of direct cost savings 
and use of local labor and materials led to the 
selection of the precast segmental superstructure 
even though there had only been one prior use of 
this type of construction in Canada. 

A construction view of the Bear River Bridge 
is presented in Fig. 1.10. The bridge has six interior 
spans at 265 ft. (80.8 m) each, and symmetrical 
end spans of 203 ft. 9 in. (62.1 m) for a total 
length of 1997 ft. 6 in. (608.8 m). The precast 
sections are 37 ft. 6 in. (11.4 m) wide and 11 ft. 10 
in. (3.6 m) deep. Most sections were 14 ft. 2 in. 
(4.3 m) long and weighed about 90 tons (82 t). 
The top slab of the box is post-tensioned trans- 
versely to achieve a thickness of 10 in. (254 mm) 
at the centerline of the section. 

The gzometry of the bridge included a variety 
of circular, spiral, and parabolic curves as well as 
tangent sections. In plan, the east end of the bridge 
has two. sharp horizontal curves connected to each 
other and to the west end tangent by two spiral 
curves. In elevation, the bridge is on a 2044 ft. 
(623 m) vertical curve with tangents of 5.5 and 6.0 
percent. There is approximately 28 ft. to 30 ft. 
(8.5 to 9.1 m) difference in elevation between the 
roadway surface at the abutments and at the center 
of the bridge. Two sets of short line forms were 
used to cast the segments to meet the exacting 
geometry requirements. To attest to the accuracy 
with which the segments matched the planned 
geometry, two to four segments were erected each 
working day, and only nominal elevation adjust- 
ments were required in the abutting cantilevers 
where the cast-in-place closures were completed at 
the centers of the spans. 

The bridge required 145 precast segments. Two 
segments were constructed each working day, one 
in each short line form. The segments were cast 
directly against the face of the matching segment 
in the bridge which assured a perfect fit during 


erection. Eight cast-in-place closure segments 4 ft. 
(1.2 m) long were used at the center of the spans 
to join the abutting precast cantilever sections into 
a fully continuous structure. Casting of the super- 
structure units began in mid March and was com- 
pleted by the end of August. Erection started the 
first of July and was completed at the end of Octo- 
ber, 1972. Grouting of tendons and placement of 
curbs, sidewalks and guardrails required about 172 
months following erection of the last segment. 


ni B Ses 
Fig. 1.10 — Bear River Bridue, Nova Scotia 


1.6.3 JFK Memorial Causeway, 


Corpus Christi, Texas 


The JEK Memorial Causeway is shown shortly 
after it was opened to traffic in the summer of 
1973 in Fig. 1.5. The precast segmental box girder 
portion of the bridge, the first of ¡ts kind in the 
United States, is shown in Fig. 1.11 as it appeared 
in late February, 1973. Erection of the 100 ft. 
(30.5 m) end span and 100 ft. cantilever are com- 
plete on one side and about one third complete on 
the other side. . 

Precast segmental construction wes selected for 
the JFK Memorial Causeway following a compre- 
hensive model test program at the University of 
Texas at Austin. Fig. 1.12 shows a general view of 
the model bridge during testing. Results and con- 
clusions fróm this test program indicated that this 
type of construction is safe and dependable.) * 
Specific conclusions resulting from the tests are as 
follows: 


1. The segmental bridge model safely carried 
the ultimate design loads for all critical moment 
and shear loading configurations on which its 
design had been based, as specified by the 1969 
Bureau of Public Roads Ultimate Strength Design 
Criteria. i 


*Numbers in parenthesis refer to references listed in Appendix 
Section A.4. 


Fig. 1.12 — Corpus Christi Bridge model test 
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2. The deflection under design live load in four 
lanes (only three lanes required by live load 
reduction factors) was approximately L/3200 in 
the main span. This is much less than L/800 which 
is generally considered as acceptable. 

3. Positive tendons in the main span were 
designed as for an ideal three-span continuous 
beam. Since the completed bridge was supported 
on neoprene pads which have no vertical restraint 
against uplift, the outer ends were able to rise off 
their supports at loads greater than the design ulti- 
mate load, so that the structure did not act contin- 
uously at the ultimate conditions under main span 
positive moment loading. Even so, there was suffi- 
cient reserve strength in the main span to carry 
design ultimate load. 

4. Under tests to failure with very high 
combined moment and shear loading, flexural 
cracks appeared near the epoxy joints in the top 
slab near the main pier. However, they joined the 
diagonal tension cracks and did not extend along 
the joints. There was no sign of any direct shear 
failure at the joints. In tests of the ful bridge 
model, approximately 75 percent of the theoretical 
ultimate shear load was applied in the maximum 
shear loading test prior to failure of the bridge 
during that test by flexure. No sign of shear dis- 
tress was evident. Subsequent tests of a three- 
segment model under severe shear loading as a 
cantilever section indicated that full shear strength 
of the unit was developed. Hence, the epoxy joint 
technique used did not reduce the design shear 
strength. 

5. During erection of the first few segments, 
tensile stresses occurred in the bottom slab as pre- 
dicted in the design. These stresses resulted from 
the large amount of prestress in the top slab at this 
stage of erection. Temporary prestress devices 
successfully controlled the effects of these stresses. 

6. Theoretical calculation of the load factor for 
live and impact loads required to form the first 
plastic hinge agreed very well with the experimentel 
results. These tests proved the accuracy and appli- 
cability of the ultimate load calculation procedure. 

7. Near failure, major cracks concentrated near 
the epoxy joints which had no continuous conven- 
tional reinforcement. However, throughout the 


loading sequence, cracks were generally well dis- I 


tributed because of the effective grouting and the 
strength of the epoxy joints. 

8. Transverse moment capacity of the bridge 
cross section was very adequate, as shown by the 
punching shear load test results. 

9. There was no adverse effect of the epoxy 
joints on the sleb punching shear strengths. 


10. Bolts used for the temporary connection of 
the pier segments to the main piers yielded locally 
under the most critical unbalanced loading, 
although the calculated direct tensile stress was less 
than the actual yield strength. The bolts used in 
the model were also below the yield strength later 
specified for the bolts in the prototype. Yielding 
was apparently caused by the large gap between 
the pier segments and the pier, with consequent 
local bending, and was accentuated by the stress 
concentrations in the threads. 

11. The theoretical calculations were generally in 
good agreement with the experimental results al- 
though there were some appreciable deviations 
between the experimental and theoretica' values of 
strain in the top slab in some stages of cantilever 
construction. 


1.6.  Muscatatuck River Bridge, 
North Vernon, Indiana 


The second application of precast segmental 
construction in the U.S. was the widening of a 45 
year old open-spandrel arch bridge on U.S. 50 over 
the Vernon Fork of the Mu:catatuck River in 
Jennings County, Indiana. The 22 ft. (6.7 m) 
wide precast segmental box sections were erected 
just 1 ft. (0.3 m) away frora the deck of the 
existing arch bridge. The two decks ere joined 
by a longitudinal neoprene joint to prov. de.a new 
44 ft. (13.4 m) wide driving surface. A view of the 
Muscatatuck River Bridge is presented in Fig. 1.13. 
Comolete design calculations for the Muscatatuck 
River Bridge are presented in Chapter 5. 


1.6.5 Vail Pass Bridges, Colorado 


Construction was completed, on a series of four 
precast segmental bridges on Interstate 70 west of 
Denver over Vail Pass in 1976. The lengths of the 
bridges ranged from 390 to 830 ft. (119 to 253 m), 
and the main span lengths were either 200 ft. 
(61 m) or 210 ft (66 m). A single-cell box girder 
section was used for the 42 ft. (12.8 m) wide seg- 
ments. A construction view of one of the Vail Pass 
Bridges is presented in Fig. 1.14. Alignment prob- 
lems were encountered at the closure of the first 
Vail Pass Bridge which required removal of a 
portion of the precast parapet, and use of an 
asphaltic wearing surface of varying thickness 
(maximum thickness of the asphaltic surfacing was 
about 11 in. (279 mm) at one point along one 
gutter line). The cause of the misalignment has not 
been specifically determined at this time. 

Three later segments of 1-70 over Vail Pass in- 


cluded alternates for bridges with structural steel, 
precast segmental or cast-in-place segmental super- 
structures. In two of these cases, structural steel 
bridges were low, and in the third case, the low bid 
cast-in-place ` segmental 


was for construction. 


ee 


Fig. 1.13 — Muscatatuck River Bridge, North Vernon, 
Indiana 


Fig. 1.14 — Vail Pass Bridge, Colorado 


1.6.6 Kishwaukee River Bridge, 


Winnebago County, Illinois 


A model of the Kishwaukee River Bridge is 
shown in Fig. 1.15. The twin structures have end 
spans of 170 ft, (52 m) and three interior spans of 
250 ft. (76 m) each. The total length of each struc- 
ture will be about 1,170 ft. (360 m). The bridge 
will span a wooded river gorge about 100 ft. (30 
m) above the normal water level in the river. Bids 
were received by the Illinois Department of Trans- 
portation on the Kishwaukee River Bridge on 
September 2, 1976. The construction special pro- 
visions permitted submission of alternate design 
proposals for the crossing, but the low bid was 
submitted for precast segmental construction. 

The bridge is in an environmentally sensitive 
area. Since the Kishwaukee River is used for 


recreational purposes, the State of Illinois assumed 
special obligations for preservation of adjacent 
landscape. A number of types of bridges were 
evaluated by the State of Illinois Department of 
Transportation. These included an orthotropic 


steel box girder, a tied arch, and a segmental con- 
crete box girder. After an elaborate cost study, it 
was determined that segmental concrete construc- 
tion offered not only an economical solution, 
but also it would most nearly fulfill environmental 
and esthetic considerations. 
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Fig. 1.15 — Kishwaukee River Bridge, Illinois 


1.6.7 Sugar Creek Bridge, 


Parke County, Indiana 


The Sugar Creek Bridge in Parke County, 
Indiana, was completed in 1977, This three-span 
bridge has end spans of 90 ft. (27 m). a central 
span of 180 ft. (55 m), and utilizes a single-cell 
box section 30 ft. (9.1 m) wide. 


1.6.8 Turkey Run Bridge, 


Parke County, Indiana 


Also completed in 1977, the Turkey Run Bridge 
in Parke County, Indiana, has two 180 ft. (55 m) 
spans, and utilizes two parallel boxes, each 22 ft. 
(6.7 m) wide. This bridge was constructed with the 
aid of temporary erection bents to reduce the 
required depth of the box section. 


1.6.9 Pennsylvania State University Test Track 


Bridge 
A curved [radius of curvature 546 ft. (166 m)] 
precast segmental box girder bridge with a single 
span of 121 ft. (37 m) is now under test at the 
Pennsylvania State University Pavement Durability 
Track. The segments of this bridge were assembled 
on the ground adjacent to the bridge site, and the 


entire superstructure was erected in one piece by 1.6.10 Other Precast Segmental Bridges in 
cranes. Among the objectives of this research Planning, Design and Construction 
project, sponsored by the Pennsylvania Depart- 


i The structures completed or under contract 
ment of Transportation and the Federal Highway 


listed above represent only the beginning of the 


Administration, was the evaluation of details for applications of precast segmental bridge construc- 
precast segmental bridges, and investigation of the tion in North America. Additional structures 
applicability of precast segmental construction for known to be in various stages of planning, design 
use as site-assembled grade separation bridges. Such and construction are listed in Table 1.1. Segment 
bridges might be used in situations where transport cross sections for precast segmental bridges com- 
length or haul weight restrictions do not permit the pleted to date, and for many of the bridges listed 
use of precast |-girders. in Table 1.1 are presented in Appendix Section 
A2. 
7 


TABLE 1.1 PRECAST SEGMENTAL BRIDGES IN DESIGN AND CONSTRUCTION — 1978 


ni 


Length, ft. — 
Individual spans Box Girder Width 


Name Location 


Total 


Fredericton Bridge Fredericton, 394 max, 3 boxes 
New Brunswick each box 27' wide 
Kishwaukee River Highway 412 170, 2 boxes 
Winnebago County, 30250, each bo» 42' wide 
Illinois 170 2 — 2-lane roadways 
Illinois River Highway 403 390, 550, 390 2 boxes 
between Pike & Scott 9@ 230 each bo» 42' wide 


Counties, Illinois 2 — 2-lane roadways 


Islington Ave. Extension Toronto, Ontario 2 boxes 

each box 46' wide 
St. Joseph River Benton Harbor, Michigan 98, 212, 93 1 box 42'-6% wide 
1-205 Columbia River Bridge Oregon — Washington 10,000 620 max. multiple boxes 

143' total width 
Pike County Kentucky 372 93.5, 185, 93.5 1 box 28' wide 
Cline Avenue East Chicago, 6000 300 max. multiple boxes 
Lake County, Indiana 110' total width - 

Kentucky River Frankfort, Kentucky 780 323 82' total width 


Long Key Key West, Florida 12,144 118 


1 box 40' wide 


1 ft. = 0.3048 m ^ 
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CHAPTER 2 
CONSIDERATIONS FOR SEGMENT DESIGN 


2.1 General 


Much of the economy of precast segmental 
bridges results from the standardization and indus- 
trialization of the process of manufacturing the 
segments. When design details permit repetition of 
daily actions, one segment per day can be manufac- 
tured from each form by a comparatively small 
crew. To achieve this rate of production, it is im- 
portant to avoid changes in the forms, to standard- 
ize the cage of mild steel reinforcement, and to use 
a repetitive layout of the post-tensioning tendons. 
It is always necessary to thicken the bottom slab of 
the segments near the pier. However, even this 
minor variation in the details of the segments may 
disturb somewhat the normal schedule of segment 
production. 


2.2 Principal Dimensions of Segments 


The principal segment dimensions are top slab 
width “W”, construction depth up”, width of 
bottom slab “B”, web spacing "s", and segment 
length “L”. These dimensions are shown for a typ- 
ical segment in Fig. 2.1. 

In the most simple case, the segment width “W” 
is selected as equal to the width of the bridge. 
When the bridge width exceeds about 40 ft, (12 
m), or when it is necessary to minimize segment 
weight or size, the structure width can be divided 
into a multiple of the segment width as shown in 
Fig. 2.2. In this case, the transverse connection of 
the top slabs may be accomplished by transverse 
post-tensioning which extends through all the 
boxes and the cast-in-place joint(s). 

As an alternative to use of multiple boxes for 
structures wider than about 40 ft. (12 m), single 
boxes with multiple webs have been used for 
widths up to about 70 ft. (21 m). For intermediate 
widths, single box sections may be used with inte- 
gral transverse floor beams under the roadway 
slab (e.g., St-Andre de Cubzac Viaducts) or boxed 
cantilevers (e.g., Chillon Viaduct). These alterna- 
tives are illustrated in Fig. 2.3, which in addition, 
shows the evolution of segment size and weight 
for a number of European bridges. 

The construction depth "D" is determined by 
the spans. Most European bridges have been built 
with span/depth ratios of 18 to 20. However, ratios 
of 20 to 30 are considered feasible and structurally 
satisfactory. Deflection tests on the model of the 
Corpus Christi Bridge with e span/depth ratio of 
25 resulted in a deflection of only L/3200 which is 


L CAST-IN PLACE JOINT 


Fig. 2.2 — Superstructure with parallel segments and 
cast-in-place joint 


only 25 percent of the deflection permitted in 
steel structures in the U.S. Span/depth ratios for 
end spans are usually somewhat lower than for in- 
terior spans. The shallower depth structures require 
more high strength post-tensioning materials. Var- 
iable depth structures become appropriate for 
spans in excess of 250 to 300 tt. (75 to 90 m). In 
this case, the span/depth ratios have normally been 
selected as 18 to 20 at support and 40 to 50 at 
midspan. 

When webs are vertical, the bottom slab width 
"B" follows from the width “W” and the struc- 
turally acceptable length of the cantilever as dis- 
cussed below. Sloping webs present no problem 
when the box girder depth is constant, but do 
require significant form adjustments for produc- 
tion of variable depth segments due to the varia- 
tion in bottom slab width. A narrow bottom slab 
is desirable to reduce segment weight since the 
bottom slab area is usually a factor for structural 
consideration only in the negative moment area 
adjacent to piers. 

The segment length “L” has a pronounced effect 
on the economy of a bridge. The selection of the 
segment length determines the total number of 
segments that must be produced and erected. Since 
the majority of the cost involved in production and 
erection is fixed per unit and only a small share of 
the cost is variable, economy is achieved by using 
the smallest number of segments consistent with 
transportation requirements and the capacity of 


BRIDGE 
AND MAX. SPAN 


CHOISY-LE-RO! 
55M 
180 FT. 


SEUDRE 
79M 
259 FT. 


CHILLON 
104M 
341 FT. 


SAINT ANORE 
DE CUBZAC 
95M 
312 FT. 


B3 SOUTH 
50M 
164 FT. 


SAINT-CLOUD 
106M 
348 FT. 


CROSS SECTION 
(DIMENSiIO!18 IN METERS) 


LLLI 


{soo |314| 366] 


14.00  — 


Fig. 2.3 — Segment details of various European bridges ?? 


SEGMENT 
LENGTH 


2.50M 
8.20 FT. 


3.30M 
10.80 FT. 


3.50M 
11:50 FT. 


3.20M 
10.50 FT. 


3.40M 
11.20 FT. 


2.50M-3,40M 


MAXIMUM 


SEGMENT WT. 


(TONNES) 


25 


J5 


75 


80 


80 


8.20 FT.—11.20 FT. 


130 


erection equipment. Since the cost of handling and 
erection increases with "|". it is necessary to make 
a study of the totel in-place economy of various 
segment lengths to determine the most economical 
value. When segments must be transported over 
highways, the weight and size limitations usually 
determine the value of “L”. 


til! 


The spacing of webs "s is normally determined 
purely on structural criteria. In principle, any web 
spacing can be utilized if all pertinent structural 
aspects are thoroughly investigated using, i$ necess- 
ary, more sophisticated structural analysis 
techniques. The need for such analysis is greatly 
reduced when the web spacing is selected in such a 
way that the ordinary beam theory can be applied 
for longitudinal moments. The beam theory may 
be used when the depth of the section is equal to 
or greater than 1/30 of the span, and when the 
width “W” divided by the number of webs is not : 
more than 7% percent of the span length. For sec- 
tions such as shown in Figs. 2.1 and 2.2 the slab 


cantilever "C" is about one-fourth “W”. For box 
sections with more than two webs the slab canti- 


lever dimension should be selected to provide rea- 
sonable balance between cantilever and interior 
transverse moments. Use of these criteria for deter- 
mining the number and spacing of webs also results 
in reasonable requirements for the depth of the top 
slab and the amount of transverse top slab rein- 
forcement. 

Segment dimensions used on U.S. and Canadian 
precast segmental bridges now completed or in 
advanced stages of design are presented in Appen- 


dix Section A.2. 


2.3 Detail Dimensions of Segments 
The concrete dimensions of top slab, webs, bot- 
tom slab and haunches are determined by structur- 
al considerations and by numerous practical factors 
related to production of the segments. 
The top slab thickness (“a in Fig. 2.1) usually 
ranges from 7 to 10 in. (175 to 250 mm). It is 
necessary to consider the following structural 
factors in selecting the top slab thickness: 


1. Bending moments i 


and live load. 


2. Compression zone requirements for longitu- 
dinal bending moments normally need be con- 
sidered in determining top slab thickness only 
in structures with spans of 350 ft. (110 m 


or more. 


n the transverse direction 
caused by slab dead load, permanent loads 


3 Local bending stresses due to wheel loads 
applied directly over epoxy joints. 


4. Local anchorage bearing and splitting stresses 
for transverse post-tensioning (when used) 
require a minimum thickness of about 87 in. 
(216 mm) for tendon forces ranging from 100 
to 120 kips (445 to 534 kN). 


In addition to the above structural considera- 
tions, the top slab thickness must be adequate to 
accommodate four layers of transverse and longitu- 
dinal mild steel reinforcement, transverse and 
longitudinal tendons, and minimum concrete cover 
of 2 in, (51 mm) on top and 1 in. (25 mm) on the 
bottom. 

The dimensions of haunches "b", “e” and "d" 
‘in Fig. 2.1 are determined by the trarsverse bend- 
ing moments and by the space required for the 
anchorages of tha longitudinal post-tensioning 
tendons (see Figs. 2.10 and 2,12). It is normally 

necessary to accommodate at least two layers of 
longitudinal tendons. A concrete depth of 14 in. 
(356 mm) is required at anchorages of longitudi- 
nal strand tendons, A depth of 10 in. (254 mm) 
may suffice for bar tendons. Although it is 


essential to provide adequate space in the top slab 
and haunch thicknesses for the above considera- 
tions, it should also be kept in mind that the top 
slab is the heaviest part of the box girder, and from 
this standpoint it is desirable to keep those dimen- 
sions as small as practical. 

The web thickness “e” is generally 14 in. (356 
mm) or more to provide room for the anchorage 
hardware of 12-strand tendons which are a fre- 
“quently used tendon size. Minimum anchorage space 
requirements for bar tendons is about 10 in. (254 
mm). The 14 in. (356 mm) width may also be de- 
sirable or necessary to accommodate the bursting 

and splitting force from anchorages for 12-strand 
tendons. This thickness may be reduced when ten- 
dons are anchored in ribs or anchor blocks. Thick- 
nesses as small as 8 in. (203 mm) have been used 
with strand tendons when webs were vertically pre- 
stressed. When shear forces near supports are re- 
duced by upward shear from the post-tensioning | 
tendons and segment. depth is within the limits 
described in Section 2.2., the shear stress require- 
ments for highway bridges are generally met when 
the total width of webs amounts to 7 or 8 percent 
of the bridge width. The principal tensile stresses 
resulting from combination of vertica! shear stresses 
and compressive stresses reach a maximum value at 
the intersection of the top slab and the web. Efforts 
should be made to keep these principal stresses 
within allowable limits [see AASHTO Bridge 
Specifications,'®’ Section 1.6.6. (B)], and to avoid 


the use of additional reinforcement for this 
purpose. This requires the widening of the webs 
“f” as shown in Fig. 2.1. 

The web is a stiff element in the box section and 
provides substantial moment restraint to the top 
slab, and consequently transverse moments at the 
junction of the web and top slab are high. In- 
creased concrete thickness, obtained by widening 
to the web "f" as shown in Fig. 2.1, reduces the 
amount of reinforcement required. Particular 
attention should be given to lapping of reinforce- 
ment in this area to avoid discontinuity in areas of 
high mornent. 

A different situation exists in positive and nega- 
tive moment areas relative to the required bottom 
slab thickness "g". The structural significance of 
the bottom slab in the positive moment area re- 
lates only to the bottom slab contribution to the 
section properties As a result, the bottom slab 
thickness is usually reduced in positive moment 
areas to the minimum required to carry the slab 
dead load, and the space required for reinforce- 
ment and concrete cover. Space for one layer of 
tendons, mild steel reinforcement, and concrete 
cover require a minimum bottom slab thickness of 
about 7 in. (178 mm). In the negative moment 

area, the bottom slab thickness is controlled by 
high compressive stresses. Thickening of the bot- 
tom slab near piers is nearly always required to 
keep the compressive stresses within the allowable 


F = total compressive 
force in half of 
battom slab of 
single box girder at 
Section 1. 


F + AF = corresponding 
compressive force at 
Section 2, 


AF = shear force at the 
connection of web 
and bottom slab. 


x —— BOTTOM SLAB 


SECTION 


Fig 2.4 — Longitudinal shear transfer by bottom slab to 


web haunches 


16 


limits. The bottom slab thickening for this purpose 
should be reduced to the minimum thickness re- 
quired in the shortest distance possible to facili- 
tate manufacturing of the segments. 

The dimensions of the bottom slab haunches 
("h" and "'i".in Fig. 2.1) have a major structural 
task in the longitudinal negative moment area of 
transferring the change of force in the bottom slab 
to the webs. This function is illustrated in Fig. 2.4. 
The force differential AF is transferred by longitu- 
dinal shear, and is the highest in the negative 
moment area. The bottom slab haunches also assist 
in transmitting transverse bending moments 
between the bottom slab and the webs, and reduce 
the amount of reinforcement required for this 
purpose. 


2.4 Pier and Abutment Segments 


Pier and abutment superstructure segments 
differ from typical interior superstructure segments 
in that they normally require a diaphragm to assist 
the webs in distributing the high shear forces to 
the bearings. As illustrated in Fig. 2.5, vertical and 
transverse post-tensioning can be used to transfer 
the shear from the webs through the diaphragm to 
the bearings. The amount of post-tensioning 
utilized for this purpose is a function of the shear 
forces in the webs. In addition to the post-tension- 
ing tendons, the pier and abutment segment dia- 
phragms are normally heavily reinforced with non- 
prestressed reinforcement. The tendons extending 
across the diaphragm in Fig. 2.5 must be tied into 
the diaphragm with bonded reinforcement to resist 
tendon splitting stresses at the corners of the open- 
ings. Precise analysis of diaphragm stresses requires 
use of finite element or other similar analytical 
techniques. However, an approximate analysis 
based on force resolution is usually sufficient. As 
shown in Fig. 2.5, it is essential that an opening be 
maintained in both pier and abutment segment 
diaphragms sufficiently large to permit movement 

of men and equipment. 


VERTICAL AND 
AT TRANSVERSE 
= POST-TENSIONING 


fl 


MILO STEEL REINFORCEMENT OF 
DIAPHRAGM NOT SHOWN 
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SECTION AT PIER 


Fig. 2.5 — Pier and abutment segments 
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2.5 Post-Tensioning Tendons 


25,1 


Post-tensioning tendons are used to apply both 
temporary and permanent prestressing forces to 


precast segmental bridges. General information, 
hardware dimensions, and specifications for most 
post-tensioning systems commercially available in 
the United States and Canada are contained in the 
“Post-Tensioning Manual"? published by the 
Post-Tensioning Institute. The discussion of post- 
tensioning tendons in this Section is intended to 
provide background on normal applications and 
details for incorporating the post-tensioning ten- 
dons into precast segmental bridges. At this time, 
only tendons that are grouted after stressing 
(bonded tendons) are recommended as part of 
the permanent post-tensioning system. 


General 


25.2 


Permanent post-tensioning tendons are required 
in precast segmental bridges for the primary longi- 
tudinal reinforcement. Permanent tendons may be 
used for transverse post-tensioning of the top slab, 
for vertical post-tensioning of the webs, and at 
times, to provide a permanent vertical connection 
between the superstructure and the piers. 

The capacity and size of the post-tensioning 
tendons used depends largely on the application 
and the segment dimensions. However, the use 
of tendons with an ultimate capacity greater than 
700 kips (3114 kN) is not generally recommended 
due to the bursting, splitting and cracking that 
may result from application of large concentrated 
forces on relatively thin concrete sections. Larger 
capacity tendons may be used provided suitable 
precautions are taken. 

Tendons are normally installed in precast bridges 
shortly before stressing by being pulled or pushed 
through voids in the concrete formed by ferrous 
metal tubing or ducts. Galvanized metal tubing is 
commonly used. The duct diameter for tendons of 
up to twelve % in. (13 mm) diameter strands is 
about 2-5/8 in. (67 mm). For tendons of thirteen 
to eighteen % in. diameter strands (rarely used) 
the duct diameter is about 3 in. (76 mm). Ducts 
are commonly made from 24 or 26 gauge (0.61 
or 0.45 mm) black or galvanized sheet metal strips 
formed spirally into the required diameter. \f 
lighter gauge material is used, it is essential that the 
ducts be strengthened from the inside during 
casting of concrete by use of inflatable tubes or 
pipes to avoid denting from the pressure of the wet 
concrete or vibration equipment. The use of infla- 
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table tubes to maintain the duct geometry is a 
worthwhile precaution even when semi-rigid 24 to 
26 gauge (0.61 to 0.45 mm) tubing is used as diffi- 
culties in placement of tendons due to damaged 
ducts may be very expensive and difficu't to 
correct. All ducts must have sufficient grouting 
inlets, vent pipes and drains, to allow proper grout- 
ing and to avoid accumulation of water inside the 
ducts. Inlet and/or vent pipes shall be located at 
all high points of the tendon profile. The distance 
between inlet and/or vent pipes should not exceed 
200 ft. (61 m). 

The anchor plate is the component of a post- 
tensioning tendon which transmits the prestressing 
force from the anchoring device directly to the 
concrete. The prime function of the anchor plate is 
to distribute the concentrated force from the an- 
choring device over a larger bearing area to the 
concrete. The anchor plate must be of such shape 
and dimensions as to limit the bearing stresses to 
those specified in the 'Post-Tensioning Manual"? 
or in applicable codes. In most cases, tendons are 
anchored in the webs or in special ribs or anchor 
blocks attached to the webs or to the top and bot- 
tom slabs. Tendon anchor plates are normally 
cast into the precast element. The concrete must 
be thoroughly vibrated behind the bearing plates 
to avoid honeycomb and ensure proper concrete 
strength. Blind or fixed anchorages should not 
be used for longitudinal strand tendons. 

Anchor plates, which are not embedded but 
placed directly against concrete, should be placed 
against cushioning material to create a more uni- 
form stress distribution between the bearing plate 
and the concrete. The concrete surface on which 
the cushioning material is to be placed must be 
adequately treated according to the requirements 
of the cushioning material. Cushioning materials 
can be: 


1. Asbestos cement sheet of 1/8 in. 
thickness. 

2. Lead alloy with antimony. 

3. Synthetic resins. 


(3 mm) 


The cushioning material must be chemically stable 
and not alter its physical properties with time and/ 
or under load. lt must also be compatible with 
the concrete and the bearing plate material. When 
metals are used as cushioning material, special at- 
tention must be given to the electrolytic behavior 
(corrosion due to electrolysis) with respect to the 
anchorage. 

Permanent longitudinal post-tensioning tendons 
.may be conveniently grouped into cantilever 
tendons to be stressed during erection of segments, 
and continuity tendons which are stressed after 


Fig. 2.6 — Use of scaffold for stressing of tendons 


erection. The anchorages for permanent longi- 
tudinal tendons to be stressed during erection may 
be located either in the webs at the face of the 
segment, or in special web stiffeners cast into the 
segment for the purpose of providing à location 
for anchorage of permanent and temporary ten- 
dons that does not interfere with the erection 
process. Fig. 2.6 shows stressing of tendons with 
anchorages located in the web faces. Fig. 27 
shows details of e segment with an interior stif- 
fening rib which orovides a location for installa- 
tion, stressing and anchorage of longitudinal ten- 
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(1) JOINT 
(2) WEB KEY 
(3) SLAB KEY FOR ALIGNMENT 


(4) POSSIBLE WEB STIFFENER FOR 
TENDON ANCHORAGE 


(5) HOLES OR INSERTS FOR HANDLING 
AND PROVISIONAL ASSEMBLY 


(6) LONGITUDINAL DUCTS FOR 
PRESTRESSING TENDONS 


Fig. 24 — Details of segment with web stiffener”? 


dons with little interference with the erection 
process. When tendons are anchored at the face of 
a segment, a scaffold is normally used as shown in 
Fig. 2.6 to facilitate installation and stressing Of 
tendons. With interior ribs, Or web stiffeners, 
these operations are accomplished from inside the 
box. However, segments with interior ribs are 
more difficult to manufacture, and selection of 
segment details in a particular case requires con- 
sideration of all aspects of manufacture, erec- 
tion, and installation, stressing and grouting of 
the tendons. 

Continuity tendons are normally placed and 
stressed after the erection process and after the 
closing of the cast-in-place joints. Details for an- 
chorage of continuity tendons in the top slab ovet 
the webs are presented in Fig. 2.8. This anchorage 
detail has the disadvantage of allowing dirt, water 
and extraneous material to enter the tendon ducts. 
This may cause blockages and other problems. 
Details for anchorage of continuity tendons 'in 
the bottom slab are shown in Fig. 2.9. Continuity 
tendons may also be anchored in web stiffeners as 
illustrated in Fig. 2.7. The stressing pockets for 
anchors in the top slab should be kept as small 
as possible to minimize conflicts with mild steel 
reinforcement or transverse post-tensioning ten- 
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dons. For larger strand tendons, used for longitudi- 
nal posttensioning, mild steel reinforcement is 
normally required to assist in distribution of the 
prestressing force into the segment. Anchorage and 
tendon coupler blockout details to be used with 
bar tendons on the Kishwaukee River Bridge in 
Illinois are shown in Fig. 2.10. 

Vertical post-tensioning is occasionally used to 
accommodate high shear stresses, and for connec- 
tion of the superstructure to piers or abutments 
so that moments can be transmitted. Connections 
between the superstructure and the substructure 
are made by vertical tendons which pass through 
the pier segments and are anchored in the pier. In 
some cases, coupling of the vertical tendons is 
necessary, particularly when access to the anchor- 
ages at the surface of the piers is difficult. Most 
tendons used to connect the superstructure to the 
substructure are' relatively short, so it becomes 
important that allowance be made for the anchor 
seating loss. Vertical post-tensioning in webs, some- 
times called “prestressed stirrups”, may be used to 
help offset high principal stresses'??. 

The stress in short vertical tendons may be sig- 
nificantly affected by anchorage seating losses. 
Lift-off tests are recommended to ensure that the 
correct stress has been applied to prestressed stir- 
rups. The maximum ultimate strength of these 
individual tendons has to be limited to about 200 
kips (890 kN) in order that they can be incorpor- 
ated within the normal web thickness, These ten- 
dons normally have an active stressing anchor and a 


blind or passive dead-end anchor which is em- 
bedded in the concrete. lt is strongly recom- 


mended that web tendons be installed vertically to 
avoid passing through the joints. 

Except for smaller segments, transverse post- 
tensioning of top slabs is recommended to mini- 
mize the top slab thickness and to provide assur- 
ance acainst the development of longitudinal 
cracking in the top slab. The transverse tendons in 
bridges only one segment wide can be stressed at 
any time after the segments have been removed 
from the forms. 

Transverse post-tensioning may also be used to 
connect the top slabs of superstructures containing 
more than one segrnent in the transverse direction, 
as illustrated by Fig. 2.2. These tendons run 
through the longitudinal cast-in-place joint be- 
tween the segments. Placing, stressing and grouting 
of these tendons is done after erection and obvi- 
ously requires careful control of the deflections 
of adjacent catilevers. To facilitate placing the ten- 
dons, the width of the longitudinal joint must not 
be less than 2 ft. (0.6 m). Narrower joints are 


feasible provided adequate measures ar? taken to 
overcome non-aligament of ducts at the joint 
caused by casting tolerances. Transverse tendons 
may be installed in flat bundles of three or four 
strands to maximize the tendon eccentricity. 

In segments at and adjacent to piers, there are a 
large number of longitudinal and transverse ten- 
dons, and careful detailing and placement are re- 
quired to assure that sufficient space is provided 
for proper placement and vibration of the con- 
crete. For this reason, it is usually recommended 
that the transverse tendons be placed on top of 
the longitudinal tendons (also see discussion in 
Section 3.5.2 relative to bar tendon details used 
for Kishwaukee River Bridge). 


25.3 Temporary Post-Tensioning 


Most segmental structures with epoxy joints 
are erected as cantilevers. Permanent cantilever 
post-tensioning is applied after a segment has been 
erected at each end of the cantilever. As a result, 
during the placing of the first segment at one end, 
the element has to be attached to the cantilever 
by means of temporary post-tensioning. The tern- 
porary post-tensioning also provides compression 
of not less than 50 psi (0.35 MPa) in the joints to 
be sure that the joints are properly closed and that 
the excess epoxy is squeezed out. It is recom- 
mended that uniformly distributed compressive 
stress be applied across the joints to avoid small 
differences in the thickness of the epoxy joint 
which could affect the structure geometry. The 
temporary post-tensioning usually consists of bars 
because of the short length of the tendons (about 
two times the length of the segments). In the bar 
tendon details used for the Kishwaukee River 
Bridge (Fig. 2.10), the permanent longitudinal 
post-tensioning also serves to provide the tem- 
porary compression during erection. This facili- 
tated the construction process through elimina- 
tion of temporary stressing operations. 

Temporary tendons, when required, may be lo- 
cated inside or outside the segments. It is often 
simplest to place the bars in the top and bottom 
slabs oi ihe segments. The anchors may be placed 
in recesses at the joints. Alternatively, the connec- 
tion may be made by use of temporary steel 
attachments such as illustrated in Fig. 2.11. Be- 
cause the temporary bars are re-used it is recom- 
mended that prestressing force be limited to about 
55 percent of the ultimate strength of the bars. 
The holes and the recesses for temporary tendons 
and anchorages should be grouted after the perma- 
nent post-tensioning has been stressed. 


——— 


SA aa c 
i €— 


s, 
Jor varies 


Edge of Deck 


x 
© 


= 


FA UD 


.- Stressing and colei 


W NAAN i in 
Segment Jt. HN hy fi" Woy NB 
uo ü f m) ! TEN. 
du nu! TOR | bat ° B 
Py aCe Rimes nab lso 
Ta di we Du dnm boa lH i i = 
DARE EE 4 
H EUM 
i I ' " " ! u 
1 1 
E ' : 
9 ' ' 
rir ' ' A T. 
3 2 I i 4, p i 1! 5"0.C. (Top Slab) 
HE Lo i i EM n 1| « Bott.Slab Similar 
HE wm b h Mars MEL than t 
ojo a nip ia 
' ' ' 
, as dimne huntapi 
t ' 
Seranit ao beatin Bat 
wipe aa wet dy we fru 
' 1 ' 1 Wwe ! 
mn ee hg ae 
.— 
Pas PLAN Blockout to be filled 
Vs , 
Blockout /2 *open'g 


with concrete 
ofterstressingof 
tendon, 

$ 


for grouting 


Zo longit.duct 
Top of deck 


1,1 
4A x7'x 2" Anchor R 


egment Jt. 


DEAD END DETAIL STRESSING END 


Varies 


2" eLongit. duct Top of Deck 


9^ or Varies 


Segment Jt. 


SECTION A-A 


SS F 


Blockout to be filled 
with concrete after 
stressing of tendon 


Blockout in 
Subsequent 
Segment 


1 [4 
ak x7x Z 
Anchor R. 


Coupler 


Y 
3X 


y”. . 
AÁgTransverse Tendon Jot Longit. duct 


SECTION B-B 


ME 


SHOLKOUL tedio 07 ty 


21 


1 y H ===> 
pun nn TET ñ | 


10 


Typ. Segment Length 


pees ees 
7-0-5/8" 


Cu! Barsafterstressing 


as required to Fit blockaul, 


9 or varies 


DETAIL 


af k m. 2 TR. ^ x= 
Fig. 2.11 — Temporary steel fittings attached tu deck for 
anchoring temporary prestressing bars 


In place of permanent vertical post-tensioning 
between pier segments and piers, post-tensioning 
may be employed, temporarily to provide a mo- 
ment connection curing cantilever erection only. 
After erection has been completed and the con- 
tinuity tendons have been placed and stressed, 
the temporary vertical post-tensioning at piers may 
be removed. This permits use of sliding bearings 
at piers in the finished structure to accommodate 
volume changes due to cemperature, shrinkage, and 
creep. 


2.5.4 Layout of Posc-Tensioning Tendons 


Unlike design of conventionally reinforced con- 
crete structural elernents whére a quantity of rein- 
forcement may be the final result of design calcu- 
lations, a practical tendon layout always requires 
an iterative design process in which the designer 
and the detailer continuously exchange informa- 
tion. In the preliminary design stage, concrete 
sections are assumed and bending moments and 
shear forces are calculated. Subsequently, an ini- 
tial number-and escentricity Of tendons required to 
counteract the banding stresses is determined along 
with the number and slope of tendons counter- 
acting shear forces. The preliminary design is corn- 
pleted by determination of the required mild 
steel reinforcement. The preliminary design re- 
sults must then be evaluated by the detailer on the 
drawing board to see whether or not the prelimi- 
nary design assumptions can be achieved in prac- 
tice. This is usually not the case on the first try, 
and further iterations are then made. Detailing of 
post-tensioning tendor.s requires consideration of 
minimum radius of curvature, spacing require- 
ments and avoidance of conflicts with mild steel 
reinforcement. Further, because of formwork 
limitations, tendons are always located and 


anchored at the same location at the segment 
joints. In developing the tendon layout to comply 
with the above requirements, the number of ten- 
dons required is the design consideration of most 
importance. 

Some practical suggestions relative to location 
and detailing of tendon layouts are as follows: 


1. Tendon spacing must be sufficient to permit 
placement and vibration of concrete without 
development of voids or honeycomb. A clear 
distance of 1% in. (38 mm) is required be- 
tween tendons during grouting to minimize 
the possibility of grout transmission between 
adjacent ducts at the joints between seg- 
ments. A typical layout of ducts meeting 
those requirements is presented in Fig. 2.12. 

2. The bending radius of the tendons is deter- 
mined largely by the duct material. A semi- 
rigid duct of corrugated metal is preferable, 
and the minimum bending radius of such ducts 
is about 15 ft. (4.6 m). Pre-bending requires 
an additional operation and complicates 
placement of the ducts. Sharp bends are un- 
desirable from the standpoint of installing 
tendons, friction losses, and the high concen- 
trated forces resulting on the concrete. 

3. A free passage of 5 in. (127 mm) minimum 
width should be provided between tendons 
located over the segment webs for proper 
placement and vibration of concrete. 

A. Crossing of longitudinal tendons in the nar- 
row part of the web should be avoided. 

5. Tendon eccentricities should be made as larga 
as possible. Cantilever tendons can be spread 
laterally into the top slab and a second layer 
of tendons can be accommodated in the top 
slab haunches as shown in Fig. 2.12. Tendons 
anchored in the first few segments remain 
within the web reinforcement because of 
bending radius limitations. This results in 
soma loss of eccentricity. Midspan conti- 
nuity tendons are placed in the bottom slab. 

6. Cantilever strand tendons are anchored in 
the webs and top slab haunches, or on web 
stiffeners. Cantilever bar tendons may be 
anchored in the slab as shown in Fig. 2.10. 
Shear tendons are anchored in webs. Con- 
tinuity tendons are anchored as described in 
Section 2.5.2. The anchorage of continuity 
tendons in the top slab combined with an- 
chorage of cantilever tendons in the webs 
provides a connection between the two 
overlapping tendon systems through con- 
crete compression. In a layout where ten- 
dons are anchored in top and bottom slabs 
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Fig. 2.12 — Tendon spacing and 12-strand tendon anchor- 
age details in top slab haunches 


Fig. 2.13 — Tendon layout influence on the mode of shear 
transfer between top and bottorn slab tendons 


only, the connection between tendon systems 
is by shear in the webs. The shear transmis- 
sion was accommodated in the bar tendon 
details used for the Kishwaukee River Bridge 
by extending ell longitudinal tendons one seg- 
ment length beyond the point required by 
design moments. The two means of providing 
a connection of the two tendon systems are 
illustrated in Fig. 2.13. Both systems have 
been used successfully, but the designer 
should keep in mind the difference by which 
forces are transmitted between the two sys- 
tems of tendons. 

7. The slope of continuity tendon anchorages 
with respect to the top slab should be about 
25 degrees as shown in Fig. 2.8. This shortens 
the block-out to acceptable limits (the block- 
outs interrupt the transverse reinforcement) 
and also reduces the tendency of the anchor 
to break out vertically. The 25 degree slope is 
also appropriate for cantilever tendons an- 
chored in webs. The vertical component of 
the tendon is then about 40 percent of the 
tendon force. This provides a substantial re- 
duction in the shear forces in the webs above 


the tendon anchors which may become an 
important factor near the supports. Pre- 
stressed stirrups may also be used to accom- 
modate shear forces near supports. 

8. Tendon lengths should be made as short as 
possible. However, use of very short tendons 
requires careful consideration of diffusion 
of the prestress into the section and the pre- 
stress losses due to seating of the anchorage. 
From the structural viewpoint, the tendon 
layout may be in accordance with the bend- 
ing moment diagram. However, the erection 
procedure and the available anchorage loca- 
tions usually require substantial adjustments 
to the tendon layout resulting solely from 
structural moment requirements. 


2.6 


The amount of longitudinal and transverse rein- 
forcement required is determined by the design 
calculations or from the nominal minimum amounts 
required to provide toughness during curing, hand- 
ling and erection of tha segment’. 

During production of the segments, the rein- 
forcement is assembled anc wire tied outside the 
form to make a solid cage that can be lifted into 
the form without damage. Spot welding of crossing 
bars in forming the reinforceraent cage requires 
control of the carbon content of the bars to as- 
sure weldability without producing brittleness. 
Spot welding of reinforcement should be permitted 
only when authorized by the Engineer. Tendon 
ducts frequently pass through layers of reinforce- 
ment. Details should be developed to accommo- 
date the tendon trajectory without cutting the 
reinforcement. Fig. 2.14 shows a possible solu- 
tion to the case where tendons are located in the 
top slab and enchored in the web. The top slab 
and web haunches permit use of two types of 
hairpin bars, a and b, which permit the tendons 
to pess easily. 
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Fig. 2.14 — Reinforcement details to permit anchorage of 
top slab tendons in web 


2.7 Shear Keys 


Shear keys in the webs serve the dual purpose of 
transferring shear during erection and providing a 
guide to assure the correct vertical position of the 
segment. Horizontal alignment is obtained by use 
of a guide in the top slab. The erection shear re- 
sults from the weight of one or more segments 
(depending on the erection speed) or the upward 
force resulting from inclined post-tensioning ten- 
dons. Stability during erection is obtained through 
the combined action of the shear keys and the tem- 
porary (or permanent) post-tensioning in the top 
and bottom slab. As indicated in Section 2:03, 
the temporary post-tensioning is proportioned to 
provide a uniforra compression of not less than 
50 psi (0.35 MPa) across the entire joint. The 
forces R4 acting on the shear key and the joint 
due to segment weight and temporary post-tension- 
ing are illustrated in Fig. 2.15(a), and due to 
segment weight and final cantilever post-tension- 
ing in Fig. 2.15ib). The use of single web shear 
keys such as shown in Fig. 2.15 requires careful 
attention. to reinforcement details in the shear 
keys and in the web area adjacent to the keys. 
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Fig. 2.15 (a) — Forces on shear key dua to temporary post- 

tensioning and segment weight 


F = Force in permanent 
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Fig. 2.15 (b) — Forces on web shear keys 


Fig. 2.16 — Reinforcement requirements near web shear 
keys 


In conjunction with the loading cases in Figs. 
2.15(a) and 2.15(b), reinforcement should be 
provided in webs to contain potential crack devel- 
opment in both the upward and downward direc- 
tions as shown in Fig. 2.16. 

Recent European bridges have utilized multiple 
shear keys in the webs such as shown in Fig. 2.17. 
The multiple key eliminates the need to reinforce 
the shear key and the adjacent web area, and it has 
the further significant advantage of relieving the 
epoxy of any shear transmission function. The 
large number of interlocking keys [(1) in Fig. 
2.17] in the webs carry all the shear across the 
joint without any assistance from the epoxy. 
Note also the keys across the top slab [(2) in Fig. 
2.17] which assist in obtaining segment alignment 
during erection and which may also provide shear 
transfer due to concentrated loads on the deck. 
The use of the multiple key web design in Fig. 
2.17 is associated with a web stiffener (3) which 
contains tendon duct and anchorages for perma- 
nent (4) and temporary post-tensioning (6). The 
top slab has vertical holes (5b) adjacent to the stif- 
fener which permit an attachment for handling 
the seqment. The use of multiple web keys requires 
a substantial web area free of anchorage pockets, 
tendon holes, and other interruptions which would 


LA RE x is : 
(1) Castellated web key. 
(2) Slab key for alignment. 
(3) Web stiffener. 
(4) Tendon duct and anchorage for final assembly 
(5) Insert for handling and temporary assembly 
(6) Tendon ducts for temporary assembly 
Fig. 2.17 — Precast segment with multiple keys and web 
stiffener 1 


reduce the available shear area of the keys. This 
leads to use of web stiffener details such as shown 
in Fig. 2.7, which involve additional effort during 
production of the segments. 


2.8 Epoxy Joints 


As indicated in Section 2.7, the function of the 
epoxy joint is, to an extent, dependent on the 
design of the shear keys. However, in all cases, the 
epoxy will serve the following purposes: 


1. During placement of segments, the epoxy 
acts as a lubricant which, in conjunction with 
the keys in the web and top slab, assists in 
guiding the segment into proper alignment. 

2. The epoxy layer acts as a stress distribution 
material during erection and during post- 
tensioning. This is illustrated by the fact that 
the thin layer of epoxy cannot be pressed out 
of the joint entirely. In addition, any small 
cavities and pores in the faces of the seg- 
ments are filled. 

3.Epoxy can restore the tensile and shear 
strength of the concrete across the joint. 

4. Epoxy is required to serve as a joint sealant 
to prevent water from entering into tendon 
ducts, end also to prevent grout leaks at 
joints. 


Concern is occasionally expressed about the lack 
of reinforcement extending through joints of pre- 
cast segmental bridges. Actually, there is a great 
deal of grouted high strength post-tensioning rein- 
forcement continuous through all joints. This rein- 
forcement exerts a Very large compressive force 
across the joint which ensures that the joint will 
be under compression lor perhaps very low tensile 
stresses at the bottom slab) under service loads. 
The safety of the structure in both shear and flex- 
ure at ultimate load is, of course, determined on 
the basis of a cracked section, and there is, in this 
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Fig. 2.18 — Application of epoxy resin by “gloved hand” 


case, little difference between a precas! structure 
with joints and a monolithic cast-in-place structure. 

Application of epoxy to the joint surfaces is 
accomplished by hand immediately prior to ap- 
plication of the temporary post-tensioning, as 
illustrated in Fig. 2.18. Prior to application of the 
epoxy, the joint surfaces are either sand blasted or 
wire brushed to remove any surface laitance. This 
is usually done while the secments are stockpiled 
awaiting erection. 

Recommended specifications and tests for 
epoxies to be used in joints of segmerital bridges 
are presented in the "Tentative Design and Con- 
struction Specifications for Precast Segmental 
Box Girder Bridges” developed by the Prestressed 
Concrete Institute's Bridge Committee. These 
specifications are presented in Appendix Section 
A.1. 


CHAPTER 3 


ANALYSIS OF PRECAST 
SEGMENTAL BOX GIRDER BRIDGES 


3.1 General 


The material presented in this chapter deals 
primarily with those aspects of precast segmental 
bridge design that differ from or require more de- 
tailed consideration than conventional types of 
continuous prestressed concrete structures. Back- 
ground information on the fundamentals of analy- 
sis of continuous prestressed concrete structures 
may be obtained from References 2,4, 5 and 18, 
Appendix Section A.4. 

In general, analysis and design of precast seg: 
mental box girder bridges should conform to the 
latest edition of the Specifications for Highway 
Bridges published by the American Association of 
State Highway and Transportation Officials®’, or 
to other applicable specifications for railway or 
rapid transit structures. Additional specifications 
developed by the Prestressed Concrete Institute for 
consideration by the American Association of 
State Highway and Transportation Officials to 
provide specific coverage of precast segmental 
bridges are presented in Appendix Section A.1. 

In order to provide background on those aspects 
of precast segmental bridge design that may re- 
quire special consideration, the discussions in the 
following sections on the influence of creep, 
shear lag, temperature effects, and transverse 
analysis are presented in much more detail than 
may be necessary for routine designs. As suggested 
by the specifications in Appendix A.1., elastic 
analysis using beam theory may be used in the 
design of precast segmental bridges of normal 
proportions. Consideration is given to shear lag in 
the immediate vicinity of the supports when seg- 
ments are wider and/or shallower than normal 
(see Section 2.2). 

Notation is generally explained as it is used in 
the text. In addition, notetion is presented in 
Appendix Section A.3. 


22 Development of Preliminary Bridge Details 


As in any bridge design, it is necessary to assume 
cross section dimensions and span lengths of a 
precast segmental bridge pefore an analysis can be 
made. The selection of the superstructure cross 
section, normal span/depth ratios, and other 
pertinent aspects of superstructure design are 
discussed in Chapter 2. The method of erection, 
as discussed in Section 4.3, also has an affect on 


the superstructure and substructure design, and 
should be considered 
bridge details. 

Selection of the span arrangement and other 
considerations preliminary to the analysis phase 
are considered in the following sections. 


in selecting preliminary 


Un Ad dey 


3.2.1 Selection of Span Arrangement? 


In selecting the span arrangement for a precast 
segmental bridge, it is necessary to consider the 
method of construction. When cantilever con- 
struction is used, the segments are erected in bal- 
anced cantilever starting from a pier and placing 
segmen!s on either side in a symmetrical opera- 
tion. This method of erection results in typical 
superstructure components consisting of one- 
half of the main span length cantilevered from the 
piers as shown in Fig. 3.1 (a). If the end span is 
selected as 65 to 7Q percent of the interior span as 
in Fig. 3.1 (a), the small section of the superstruc- 
ture adjacent to the abutment will require use of 
falsework or some other ereétion proceduro, 

To provide a transition between span lengths L1 
and L2, for example at the transition between 
approaches and main spans in a viaduct, an inter- 
mediate span of average length will optimize the 
use of the cantilever concept, as illustrated in 
Fig. 3.1 (b). 


Fig. 3.1 


— Span arrangements for precast segmental 


bridges”? 
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Fig. 3.2 — Effect of hinge location on deflection ^ 


Continuous bridges Over 2000 ft. (610 m) 
long have been built without permanent hinges 
or expansion joints in the superstructure. It is de- 
sirable to keep the number of joints to 8 minimum 
to reduce maintenance costs and improve riding 
quality. This may be accomplished by use of piers 
which permit longitudinal volume changes of the 
superstructure (for example the Chillon Viaduct 
shown in Fig. 4.18), or by tha use of bearing 
details that will accommodate substantial move- 
ment, In very long structuras, intermediate expan- 
sion joints become necessary. Location of these 
joints near the dead load contraflexure point, as 
shown in Fig. 3.1 (c), will be helpful in reducing 
deflection of the joint. Fig. 3.2 shows a compari- 
son of deflections and angle changes due to live 
load in a 259 ft. (79 m) span with hinges located at 
mid-span and near the point of contraflexure. 


3.2.2 m 


Wher geometric restraints will not permit opti- 
murn pier locations or span arrangements, abut- 
ment details may be developed to facilitate the 


construction procedure. Fig. 3.3 la) shows a deck 
section cantilevered over a front abutment wall £o 
achieve a longer than normal end span. A conven- 
tional bearing is provided at the front abutment 
wal in Fig. 3.3 (a) and a rear prestressed tie is 
used to counteract uplift and to permit cantilever 
construction to proceed out to the first joint 
J1 where a connection is made with the cantilever 
construction starting from the first intermediate 


pier. 


Abutment Details 


With end span length on the order of 65 to 70 
percent of the interior spans, 4 special segment 
may be used at the abutment and one or two seg- 
ments may be temporarily cantilevered out to 
reach the first balanced cantilever as shown in Fig. 
3.3. (b). 

When end spans are 
length of interior spans, 


only 50 percent of the 
as in Fig. 3.3 (c), an up- 


lift reaction has to be transferred to the abutment 
during construction and in the completed struc- 
ture. Abutment details that may pe used to accom- 
plish this are shown in Fig. 3.3 (d). Here, “he webs 
of the main box girder deck are cantilever »d under 
the ¿expansion joint into slots in the mein abut- 
Neoprene bearings are placed above 


ment wall. 
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Alternatives for construction of end spans 


the webs to transmit the uplift force and, at the 
same time, to allow the deck to expand freely. 


3.2.5 Pier Details 


Pier details should be developed with consider- 
ation given to the need to provide stability to the 
cantilevers during construction. Some details that 
have been used to accomplish this are discussed 
and illustrated in Section 4.3.0. 


š . 
3.2.4 Horizontal and Vertical Curvature 


As noted in Chapter 1 and elsewhere, precast 
segmental construction is readily adapted to nearly 
any horizontal and vertical alignment by adjusting 
the segment dimensions during casting. The Bear 
River Bridge, shown in Figs. 1.4 and 1.10, and the 
Saint-Cloud Viaduct in France, shown in Fig. 3.4, 
are examples of bridges on curved alignment. 


325 Bearing Details 


Most European bridges have utilized laminated 
neoprene bearings. However, the European specifi- 
cations for design of neoprene bearings are con- 
siderably less restrictive than U.S. specifications. 


(uu nar 


To accommodate large movements and heavy 
loads, the use of more expensive pot type bearings 
using neoprene to absorb rotation and e teflon 
layer to permit volume changes may be apnro 
priate. Design information on these bearings is 
available from suppliers. i 

Heavy pier reactions during erection, or tem- 
porary prestressing of the pier segment to the pier, 
may require use of temporary bearing pads of steel 
dr concrete. Details of this type are shown in Sec- 
tion 4.3.6 (see Figs. 4.20 and 4.21). The use of 
four bearings at piers as shown in Fig. 4.21 sub 
stantially reduces the positive longitudinal live 
load moments in the superstructure, as illustrated 
in Fig. 3.5. 


3,3 Longitudinal Analysis 


3.3.1 Erection Moments 


During erection, the moments over the piers. 


increase with the addition ofeach pair of se jments, 
as illustrated in Fig. 3.6. The additional inoment 
caused by adding segments Na, 8 at each end of 
the cantilever is shown by the shaded are: in Fis. 
3.6. These moments are resisted by post 'ension 
ing tendons in the top slab which may be anchorerl 
at the face of the segments OF in build. outs inside 
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Fig. 3.5 — Comparison of superstructur 
he use of build-outs makes it 
ents and stress the ten- 
ions, but tends to com- 


the box section. T 
possible to place the segm 


dons in two separate operat 
plicate thie process of manufacturing the segments. 


The amount of post-tensioning required to main- 
tain zero tensile stress in the top slab under the 
erection moments (including weight of any erec- 
tion equipment) is readily calculated from the 


simple formula: 


Me P , PO 
Z, A Zi 
where Me = erection moment, in. Ib. 
Z, = section modulus with respect to 
top fibers, in? 
P = post-tensioning force, lb. 
A = cross sectional area of pier seg- 
inent, in? f 
e = eccentricity of post-tensioning 
"orce, in. 
The concrete arca in the bottom slab at the pier 


must be sufficierit to maint 
to the value allowed by t 
stress fe, 15 calculated as: 


where Zp 
tom fibers, in.? 


3.2.2 Creep Analysis 
The moments existing in the c 


e live load moments with simple and dou 


ain compressive stresses 
he specifications. The 


= section modulus with respect to bot- 


antilevers of pre- 


MOMENTS IN FT KIFS x 103 
1 fi. kip = 1.356 kN—m 


SIMPLE SUPPORTS 


ble pier supports 2?! 
cast segmental bridges during erection are modi- 
fied by the change in statical system due to coupling 
cantilevers and the post-tensioning used to connect 
the cantilevers into a continuous structurz. Subse- 
quent to casting tae closure joint and strassing 
of the continuity tendons, the influence ot con- 
crete creep modifies both the cantilever and con- 
tinuity moments as will be illustrated in the fol- 
lowing sections. 
Creep deformation of concrete is that part of 
the inelastic deformation not caused by shrinkage. 
Creep deformations occur as a result of the inelas- 
tic response of concrete to long term loadings such 
as dead load, post-tensioning forces, and perma- 
nent displacements. Restraint of creep deforma- 
tions causes redistribution of moments. This hap- 
pens, for example, when statical systems are 
changed by connecting a cantilever structure into 
a continuous structure. The effect of permanent 
deformations by external causes is reduced by 
creep. This occurs in the case of suppcrt settla- 
ments. 
The relationship between 
and elastic. deformations is linear. 


creep deformations 
The ratio is 


called the creep factor ¢. The following reiation- 
ship can be expressed for ó : 
o 
Ecr= e $= E $ 
where e,, = creep strain 
e, = elastic strain 
o = stress 
E = elastic modulus of concrete at age of 
28 days 


(b) 


Ys 


(c) 


Fig. 3.8 — Deformation of cantilevers before and after 
closure 


shown in Fig. 3.8 (c). The moment M,, if acting 
in the cantilever, causes rotation at B defined as B. 
The magnitude of ñ may be calculated as: 


The restraint moment M, produces both elastic 
and creep deformations. During a time interval 

dt, the creep factor increases by dé,. As a result, 
w increases by adé., and B increases by Bdo: 
(creep) and df (elastic). Erom these relations and 
ihe tact that there is no net increase in disconti- 
nuity after the joint is closed we may write tha 
gene. al compatibility oÍ angular deformation 
expression: 


ado — dg—Bde, =0 
dp 
(a-p) 


Integrating this expression: 
—2à, = In(a—8)*C 


— dp, = — 


Evaluating the constant of integration: 
When $4, 70,87 0— C = —Ine 


= (1—e91) 


A graph of (1—e9:) vs. values of @ is prese: ted in 


Fig. 3.9. 
Using the relationships for œ and $: 


Ë 
Substituting in the above, noting that 2: = L 
M. = qe 


(Ie) _ HUM 
6 24 


By evaluating the equation for M, for a large 
value of $, it is found that M, = qL?/24 vihich is 
the same moment that would have been obtainsd 
if the joint at B had been closed before tht load q 
was applied. This illustrates the fact that moment 
redistributions due to creep following a change 
in the statical system tend to approach the 
moment distribution that relates to the statical 
system obtained after the change. 


1-e*. 
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Fig. 3.9 — Variation in creep factors for both creep and 
shrinkage 


Referring to Fig. 3.10, the general relationship may 
be stated: 
Mer = (1—e?) (MM) 
where M,, = creep moment resulting 
change of statical system 
M, = moment due to loads before change 
of statical system 
M,, = moment due to same loads applied 
on changed statical system 


from 
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Fig. 3.10 — Moment curves for cantilever system (1), fixed-end system (11), and cantileyer system with later construction to 
form fixed-end system (111) 


3.322 The Effect of Creep on Moments due to Solving this equation as in Section 3.32.1: 
x, = P (1-e9:) 


Support Settlements 


Fig. 3.11 (a) illustrates a beam fixed at end A 
and supported at end B. In Fig. 3.11 (b), the beam 
is assumed to settle suddenly at B a distance 6. 
The effect of this settlement is an additional mo- before settlement 
ment at A which can be calculated as: time=0 


M - —P2 (a) 
3El6 

9 

in Fig. 3.11 (c), the support has been removed at 
8 and the beam is loaded with a load equel to P. 
The deflection resulting from the load P in the 
time interval dt increases by $d$. In Fig. 3.11 
(d), the support is again applied at B and the in- r 
crease of the deflection 5d¢, resulting from the A I 
load P is presumed to be eliminated by upward l time = 0 m 
displacement caused by an increase in the support i B 
reaction in an amount of X.. The level of support 

B does not change between Figs. 3.11 (b) and 
341 (d). The increase in the support reaction 
X, induces both elastic (by dX,) and creep (by 
X,dé,) deformations. Since there is no further 
deflection after Fig. 3.11 (b), the elastic and creep 
deformations due to the reaction X, may be 
equated to the creep deformation due to P. This 
gives the following expression: 


where P = 


o 


after settlement T 


time = 


(b) 


Fig. 3.11 — The effect of creep on moments due to support 


(dX, + X,d$4) = Pde. settlements 


pu 


The support reactions at B vary as follows: 
Immediately after settlement the support at B 
carries: R — P ; 
After the creep process, the support carries: 
R= P +P (1—e”>) = R— Ped 
In a similar manner, the moments at A due to the 
settlement vary: 
Immediately after settlement: M = —P£ 
After the creep process: 

M = —Pg + P (1—eP1)0 

M=-—PLe?: 

The ultimate effect of creep on the reaction at 
B and moment a. A resulting from a support 
settlement can be evaluated from the above form- 


ulas by considering the value of e? for various 
values of ¢ as follows: 


ó$ 1 & 2 ë 4 5 Ed 
e? 0.368 0.135 0.05 0.018 0.007 0 


|t can be seen frem the ibove that the e'fect of a 
support settlement is reduced to zero by a large 
value of $,. As in the case of change in thie statical 
system, the creep redistrinutions have the tendency 
to approach the distrioution belonging to the 
“system” obtained after the change. 

To illustrate the application of the above, Fig. 
3.12 (a) shows a three-span superstructure sub- 
jected to a settlement of 1 in. at support 2. Fig. 
3.12 (b) shows the moment diagram resulting from 
the 1 in. setti nent at support 2. For a value of 


190'-0" 


1 ft. = 0.3048 m (c) 
1 k-ft. = 1.356 kN-m 
1 k-ft.2 = 0.413 kN-m? 


Fig. 3.12 — Superstructure moments due to support 
settlement 


34, 


@ = 1.0, the value of e? = 0.368, the final super- 
structure moments due to the 1 in. settlen ent at 
support 2 are as shown in Fig. 3.12 (c). 


3.3.2.3 The Effect of Creep in Reducing Re- 
straint Forces due to Shrinkage 


For this analysis, it is assumed that the : »rink- 
age at infinity, esn, develops with time at th same 
rate as the creep factor. This assumption leads to 
the equation: 


= $i 
Esht 7 Esh b 


where en: = shrinkage strain at time t 
€sh = shrinkage strain at infinity 


Development of the restraining force cue to 
shrinkage will be illustrated for the bean AB 
shown in Fig. 3.13 (a) which is fixed against hori- 
zontal movement at both ends. Due to shrinkage, 
the beam shortens by: 


Asht = Esht? 


If the restraint to horizontai movement in tł e joint 
at B is temporarily released, the beam would 
shorten due to shrinkage. Applying an axie! force 
S, to the beam at B as shown in Fig. 3. 3 (b), 
the beam elongates according to: 


For the same time interval, the force S, induces 
elastic (dS,2/EA) and creep (S,2d¢,/EA) :longa- 
tions which are equal to the shrinkage dur ng the 


(b) 


Fig. 3.13 — Restraint force resulting from shrinkage 


time interval. This leads to the following expres- 
sion: 


Con (de, /ó = S, dé, /EA*dS,V/EA 
—dS,/EA 


— dó,- ====— 
(Ech /o—S,/EA) 


Integrating this expression as in Section 3.3.2.1 
gives: 


S, = «EA =e t) 
‘ ó 


The quantity t,,EA is the force required if all 
the shrinkage were taken elastically. 


Setting this quantity equal to S, the above equa- 
tion becomes: 


=e”) 


where @ = ó. 


A graph of the values of (1~2)/¢ is presented in 
Fig. 3.9. This graph illustrates the reduction of 
shrinkage restraint forces by creep. The value of 
(1—e?)/6 for $ = 2.0 is about 0.43. This indicates 
that shrinkage restraint forces would be reduced 57 
percent for ¢ = 2.0. In general, the creep reduction 
of the effects of a slow process, like shrinkage, 
can be evaluated by division of the results obtained 
from a fast process like a sudden support settle- 
ment or a sudden change in statical system by the 
creep factor ¢. 


2.32.4 Determination of the Creep Factor!*” 


The creep factor, ¢, was defined in Section 
3.32 as the ratio of creep strain to elastic strain. 
For the precise determination of its value, $ 
must be considered to be the sum of recoverable 
creep, ó,, and irrecoverable creep, ó+: 


$ 704 t OF 


Recoverable creep and irrecoverable creep are 
referred to below as "delayed plasticity" and 
“flow”, respectively. 

Both ó4 and %+ are time dependent, but accord- 
ing to different relations. These relations are in- 
troduced into the expression for ¢ in the following 
manner: 


ó = da Patito) + [Bro — Brno] 


where@ o) = Magnitude of the creep factor 


at time t for a concrete specimen 
loaded at time t,. 


as = magnitude of "delayed elasticity” 
at infinity 
Balto) = factor variable from zero to 
unity indicating the variation of 
$. with time 
di. = magnitude of “flow” at infinity 
Bury) 2 factor variable from zero to 
unity indicating the variation of 
p; with time, 
jm = theoretical age of concrete at 
loading (days) 
t = theoretical time after casting 


(days) 

The numerical value of delayec elasticity after an 
infinite time has been determined as dg, = 0,417, 
The recoverable nature of this part of the creep 
factor will have consequences only for temporary 
loads acting on a structure, such as those app'ied 
during construction by launching girders or other 
temporary erection equipment. For dead lcad, 
post-tensioning forces, and other permanent 
loads $4 is added to the value of py. 

The variation of ó, with time is shown in Fig. 
3.14, where the factor f is given as the ordinate, 
and the duration of the loading (t—t,) is the ab- 
scissa. I 
` The fact that By depends only on the duration 
of the loading explains the elastic nature of $,. 
With time, the full deformation due to loading or 
unloading will develop. By comparison of Figs. 
3.14 and 3.16, 8, develops somewhat faster than 
Bs: 30 percent of $4 takes place in one day, 50 
percent after 30 days, and 90 percent within a 
year. I 

The magnitude of the flow,*¢;_, at infinity de- 
pends on the relative humidity of the ambient 
medium and the compositicn of the concrete. 
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Fig. 3.14 — Variation of the “delayed elasticity" with 
time! 17) 
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Table 3.1 Variation of f,, and À with humidity of ambient medium and composition of the concrete ?” 


Relative Humidity of 
Ambient Medium 


Stiff Concrete 
Slump 1/2"—3/4" 
(13—19mm) 


ln water— 10096 
In Damp Atmosphere; 
Over Water—90% 
Outdoors— 7096 


Dry Atmosphere: 
Interior of Building--4096 


These vactors are represented by ñ<, in Table 3.1 
bf. also depends on the theoretical thickness 
ha, of the structural element in combination with 
the relative huraidity o: the atmosphere. These 
factors are represented by 6,2. The value of %;_ 
at infin.ty is the product of ße and bez: 


bi. “Per X Dco 


The theoretical thickness, h,,, is evaluated from: 


A2A, 
u 
where A = theoretical thickness factor, taken 
from Table 3.1 
A. = area of concrete section, cm? 
u = perimeter of contrete section in contact 
with the atmosphere, cm 
After evaluating hy, as above, the value of Baz 


can be taken from Fig 3.15 and the value of 
èta can be calculated, 
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1 cm = 0.39 in. 


Fig. 3.15 — Effect of member thickness on "flow"? 


Concrete Composition 


Plastic Concrete 


Soft Concrete N hickness 
Slump 1"—2" Slump 3'"—6" Factor 
(25—51mm) (76—152mm) 
À 
30 
E 
1.5 


The variation of $; with time is shown in Fig. 
3.16. The ordinate shows the factor of develop- 
ment B; and the abscissa the time t, in days. In 
contrast to delayed elasticity, $4, th» time scale 
in Fig. 3.16 begins at the time the con:rete is cast. 
Therefore, the influence of the age at loading, tə, 
is obtained from the expression [By —Br,,,]. The 
dependence of the rate of development of $, on 
the thickness of the member and the relative hu- 
midity of the environment is indicated in Fig. 
3.16 by the different curves for various theoretical 
thicknesses. 

As suggested by Fig. 3.7, loading of concrete 
at an early age greatly increases the final flow fac- 
tor, í. In addition to age at loading, ar adjustment 
in creep effect calculations may be necessary when 
a rapid hardening cement is used, cr when the 
process of cement hydration is hamp: red because 
of low temperatures. Such correcticns may be 
made by calculating a theoretical age for the con- 
crete by use of the formula: 


n > [Tes +10] ac 
ET 


where = theoretical age 


t 

a 1.0 for ASTM cement Types | and I! 

a = 2.0 for ASTM cemert Type lll 

a = 3.0 for cement having iighly accel- 

erated strength gain 

Tan = ambient temperature 
tU days | 

At’ = number of days with ambient tem- 

perature T (9C) 


OC) during 


When concrete cures at 20% C (689 F) and normal 

hardening cement is used, theoretical :ime and real 
time are equivalent. Theoretical time and real time 
are also equivalent when loading takes place im- 
mediately after the curing process is over. This is 


MEME 
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Fig. 3.16 — Variation of “flow” with time!” 


normally the case for precast segmental bridges. 

If tre age of loading has been assumed as 7 
days ir the creep calculation, an equivalent age 
can be obtained by: 


— curing 7 days at 20% C and use of Type | or 


Type I! cement ULLA LN 7 


30 


— curirg 4 days at 169 C (619 F) and use of Type 
2 (164 10)4 


II! cement since: 7 


30 : 

— curirg 3 days at 1349 C (56% F) and use of ce- 
ment having highly accelerated strength 
gein since: 3138193 

30 


Alternetively, use of normal cement and curing of 
4 days at 169 C and 3 days at 13.5? C gives a theo- 
retical age of only: 


(16 + 0) 4+ (13.5 + 10) 3 


= 5.5 days, and load- 
30 


ing should be postponed for 1.5 days. 

Due to the importance of the creep factor in 
des gn calculations for precast segmental bridges 
anc the inherent uncertainty in determination of 
the creep factor, it is recommended that calcula- 
tions be made using values of the creep factor in- 
creased and decreased 15 percent from the theor- 
eti cal value. 


3.3.2.5 Example Creep Factor Calculations 


To provide a numerical example of creep factor 
calculations, a three-span example bridge will be 
assumed which has 44 segments produced at a 
rate of one segment per day over a period of nine 
weeks. The average concrete thickness is 0.32 m 
(12.6 in.). Slump of the concrete was 1% in. (38 
mm). A three-week erection period starts four 
weeks after production of the last segment. The 
structure is made continuous by casting a midspan 
splice one week after completion of segment 
erection, and the bridge is erected over water. 

The creep factor to be used for the moment 
redistribution calculations Is obtained as follows: 


$ = ba. Ba(t—to) F bi [Bry Brite] 


where: $4, = 0.4 
Ba(t—t,) Ís obtained from Fig. 3.14 at age 
of seven days. The delayed elasticity that 
occurs during the week after erection 
while the structure is not continuous 
amounts to f44 4,, = 0.38. Only the re- 
mainder (1—844 +) = 1.0 — 0.38 = 0.62 
contributes to tie moment redistribution. 
The value of 6$,, is calculated from: 
dio = Ber XBez 
Be is taken from Table 3.1 The value is 
1.3, 
Theoretical thickness hy, 
5(0.32) = 1.60 m (5.25 ft.) 
The corresponding /alue of Bp. = 1.12 
is taken from Fiz. 3.15. 
The values for f and f, are taken 
from Fig. 3.16. The value of fis at t = 
infinity equals 1. Tre average age of the 
concrete at loading, based on the indi- 
cated time schedule is 9/2 + 4 + 3 +1 = 
12% weeks, and from Fig. 3.16, the cor- 
responding value for Bi o = 0.3. 


= A2A./u = 


Therefore: 
$ = 0.4 (0.62) + 1.3 x 1.12 (1—0.3) 
$ = 0.25 + 1.022 1.27 


Moment redistribution calculations wil! 
be carried out for: 

@ Low = 0.85 x 1.27 = 1.07 

@ High = 1.15 x 1.27 = 1.46 


3.3.2.6 Influence of Creep on Superstructure 
Moments 


The theoretical considerations of the influence 
of creep in redistribution of moments presented in 


Section 3.3.2.1 are applied to actual bridge exam- 
ples for a variety of loading conditions in this 
Section. The effects of dead load, cantilever pre- 
stress, continuity prestress, and other loadings that 
may cause moment redistribution are treated 
separately. The general procedure is as follows (the 
step numbers below do not necessarily relate to 
the diagram numbers shown in the various exam- 
plas): 


St:p 1. Bending moments are determined during 
the ereccion phase. 

Step 2. Bending moments are determined in the 

, continuous condition (the elastic moment 
distribution that would have occurred 
if the structure had been erected in one 
single step). 

Siep 3. The difference between the moments of 
Step 2 and Step 1 is calculated. This dif- 
ference is always a moment diagram con- 
sisting of straight lines, since it is merely 
the result of changed fixities (boundary 
conditions). 

Step 4. The diagram obtained in Step 3 is multi- 
plied by the factor (1—e-9?) and the 
"creep raoments'' are obtained. 

Step 5. Bendinc moments of Steps 1 and 4 are 
added in order to find the moment dis- 
tributioa at infinity. 


lt should be noted that at any time between 
eiection and infinity, the bending moments in the 
siructure will be between the values calculated in 
Steps 1 and 5. 

Comparing th:: examples in Figs. 3.17, 3.18, and 
3.19 it is seen that the final dead load bending 
moments in the structure depend on the order in 
which the joint. are closed in the structure, In 
these same figuras, it is seen that the magnitude of 
the moment redistribution due to creep also de- 
pends on the construction sequence and the num- 
ber of spans in the structure. 


Construction Procedure 


Structure weighs 5 k/ 


lin. ft. (73 kN/m) 


Step 1. Erect cantilevers 
over supports C 
and E 

Erect remaining 
segments be- 
tween A-B and 
F-G on false- 
work, close joints 
B and F and re- 
move falsework 


Step 2. 


Step 3, Concrete  splice 
at D 
Fig. 3.17 (a) — Effect of creep on dead load moments — 


Example 1 
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Momeni Zalc.lations 


—1— Bending moments 
i at C and E; re- 
sult of Step 1 


M. = 4002) 5 = 
12250 k-ft. 
Bending moments 
‘at C,E = 12250 
k-ft. at BF = 
1575 «-ft. result 
of Step 2 


Casting of midspan 
splice completed at 
joints B and F. 
Bending moments 
ai end of Step 3 
are as Step 2 


Elastic distribution 
of 3  (mid-span 
splice completed at 
D). Bending mo- 
ments continuous 
structure: 


Mg = Me = +2985 
k-ft, 

Mc = Me = —7548 
K-ft. 

Mp = +4702 k-ft. 
Difference between 
5 : diagrams 4 and 2: 
— —— = M = +12250 — 
7548 = +4702 k-ft. 
Creep moments 
obtained by 
multiplication 

of diagram 5 by 
(1—e*)-20.5 
(for example 

only) 

Dead load mo- 
ments at infin- 

ity obtained from 
diagrams 2 and 6: 


pe, 


E - 


Us 


- 


ds 


2230 | 2351 


_1k-ft. = 1.356 kN-m 


Fig. 3.17 (b) — Effect of creep on dead load moments — 


Example 1 
Construction Procedure 
Struciure weighs 5k/lin. 
ft. (73 kN/m) 
A 8 c D E F 6 Step, — Eruct cantilev- 
ers Over sup- 


ports C and E, 
Step 2, — Concrete 
splice at D, 
Erect remain- 
ing segments 
between AB 
and FG on 
falsework, 
close joints B 
and F, and re- 
move false- 
work. 


Fig. 3.18 (a) — Effect of creep on dead load moments — 
Example 2 


Step 3. — 


100 ft. = 30.5 m 


Figs. 3.20 and 3.21 illustrate that the effect of 
creep on the moments resulting from continuity 
post-tensioning depends on the construction se- 
quence and the order in which the tendons are 
stressed. 


10072 

7 EP _ _ E c E 
2228 2178 i 

1 k-ft. = 1.356 kN-m 


Moment Calculations 


—1— Bending moments 
at C and E; result 
of Step 1. 


M, = 12250 k-ft. 
—2— Bending moments 
not effected by 
Step 2. 
Construction com- 
pleted, Bending 
moments resulting 
from Step 3: 


Mg = +1471 k-ft. 
Mc = —12597 k-ft. 
Mp = —347 k-ft. 
Elastic distribu- 
tion of bending 
moments in con- 
tinuous structure: 


Mp = +2985 k-ft. 

Mc = —7548 k-ft, 

Mp = +4702 k-ft. 

Difference ba- 

twean diagrams 4 

and 3 

M = 4702 + 347 = 

5049 k-ft. 

—6— Creep moments 
obtained by 
multiplication of 
diagram 5 by 
(1—eP) = 0.5 (in 
example only) 
Mer = 0.5 x 5049 
= 2525 k-ft, 

—7— Dead load mo- 

ments at infinity 

obtained from dia- 

grams 3 and 6 I 


Mg = + 1471 + 
0.3 (2525) = 2228 
k-ft. 

Mc = —12597 + 
2525 = —10072 
k-ft. 

Mp = —347 + 2525 
= 52178 k-ft. 


Fig. 3.18 (b) — Effect of creep on dead load moments — 


Example 2 


100 ft. = 30.5 m 


Construction Procedure 


Structure weighs 5k/lin. 
ft. (73 kN/m) 


Step 1 — Erect cantilever 
over support C. 
Step 2 — Erect tailspan 
segment be- 
tween A and B 
on falsework. 
— concrete joint 
at B 
— remove false- 
work 
Step 3 — Erect cantilever 
over support E 
— concrete joint 
at D 
Step 4 — Erect cantilever 
over support G. 
— concrete joint 
at F. 
Step 5 — Erect tailspan 
segment be- 
tween H and I 
on falsework 
— concrete joint 
at H. 
— remove false- 
work., 


Fig. 3.19 (a) -- Effect of creep on dead load moments — 


Example 3 


12250 


D lc - — — 
12250 
ji 
2 4 n: |== 
1575 
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A 
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Fig. 3.19 (b) — Effect of creep on 


Example 3 
c 
TENQON 1, TENDON f; TENDON r, 
ff, — —— 
L ioo AR Mi = 


1 k = 4.448 kN 


Moment Calculations 


—1— Bending mornent 
at support C, re- 
sult of Step 1 


Mc = 12250 k-ft, 
—2— Bending moments 
at joint B, support 
C, result of Step 2 


Mg = +1575 

Mc = 12250 k-ft. 
-3— Bendin3 moments 

at joint B, supports 

C and E, joint D, 

result cf Step 3 


Mg = 41575, 
Mc, M : = —12250 
Mp=( 


-4— Bending moments 
at join! B, supports 
C,E,G, joints D 
p "1 result of 

top 4 Mg = 
11575, Me, Me, 
Mg = - 12250, 
Mp, M; = Ü 

—5— Bending moments 
resultin: from Step 
5, end of erection, 


Mg = 1575 - 
03 (38) = +1564 
k-ft, 

Mc = ~~12,250 =~ 
38 = -12,288 k-ft 
Mp = +47 KH, 
Me = —12,250 + 
131 =-12,119 
k-ft 

Mr = —178 k-ft. 
Mg = —12,250 — 
486 = — 12,736 
k-ft. 


My = +1429 k-ft, 

—6— Elastic bending 
moment distribu- 
tion continuous 
bridge. 

—7— Difference be- 
tween diagrams 5 
and 6. 

—8— Creep bending 
moments, ob- 
tained by multi- 
plication of dia- 
gram 7 with factor 
(1—e*) (here 
chosen to be 0.5) 


—9— Dead load bending 


moments at infin- 
ity obtained by 
addition of dia- 
grams 5 and 8, 


dead load moments — 


Construction Procedure 


Prestressing force 

F4 = F2 =1000 k = F 

M = Fe assumed not to 

vary with time 

Eccentricity e = 3'—0” 

(0.9 m) 

Step 1 — Both halves of 
the structure 
erected 

— tailspan conti- 
nuity prestress 
is stressed 

Step 2 — Midspan joint at 
C is concreted 

— midspan conti- 
nuity prestress 
is stressed, 


Fig. 3.20 (a) — Effect of creep on moments du» to conti- 


nuity post-tensioning — 


Example 1 


ODO 


SAA 


A LA 


Es 


ime 


& 


Moment Calculations 


Fe —1— Bending moments 
. resulting from 
I Step 1 
M= Fe 


Elastic moment 
distribution if ten- 


dons F4 were 
stressed in contin- 
uous system. 

—3— Difference be- 

3 ascia ecce tween diagrams 1 

.310 Fe and 2. 

a —4— Creep bending 
mornents obtained 

4 by multiplication 

=m of 3 by factor 

` (1—e"09), taken as 
0.5. 

—5— Final bending mo- 

0.878 F re ments by tendons 
F4 obtained by 

5 addition of 1 and 

0.155 F2 0.124 Fe 4. 

—6- Elastic bending 
moment distribu- 
tion by stressing 

0.518 Fe of tendons Fo. 
These tendons are 

$ ree stressed in contin- 
uous system and 
0.484Fs '0.387Fa therefore not 

subject to creep 
moment redistri- 
bution. 
Total bending mo- 
ments by prestress 
F4 and F5, ob- 

tained by addition 

of 3 and 6. 


0.381 Fo 


Fig. 3.20 (b) — Effect of creep on moments due to conti- 
nuity post-tensioning ~ Example 1 


Construction Procedure 


Prestressing force F4 = 


Eccentricity = e 
M = Fe assumed not to 
vary with time 


Step 1 — Erect cantilever 
over supports C 
and E 
— concrate mid- 
span Jaint at D 
— strass contine 
uity tendon Fa, 
Step 2 — Eract segments 
in tailspan be- 
tween A and B 
(F and G) 
— stress continuity 
tendons F4. 


Fig. 3.21 (a) — Effect of creep on moments due to conti- 
nuity post-tensioning — Example 2 


Fig. 3.22 shows the influence of creep on the 
moments due to the cantilever post-tensioning. In 
this case, the effect of creep is independent of the 
construction sequence since the stressing of the 
tendons does not change the statical system. 


Moment Calculations 


NA —1— Bending moments 
| resulting from 
l Step 1 
| | M= Fle) 


0.516 Fe —2— Elastic moment 
2 distribution if 
tendons F2 were 
0.484 Fo stressed in contin- 


0.242Fs 0.194 Fe 


O.752Fe Fo 


0.310 Fa 0.248Fe 


obtained by multi- 
plication of 3 by 
0.758 Fe —5— Final moments by 
" continuity pre- 
and 4. 
—6— Bending moments 
F4 are stressed in 
the continuous 
subject to creep 
moment redistri- 
due to all continu- 
ity prestress ob- 


3 uous system. 
a e —3— Difference be- 
aba Re tween 1 and 2. 
(1-e) taken 
stress F5, obtained 
resulting from 
system and are 
bution. 
tained by addition 


—4— Creep Moments 
4 ——— 
0.242Fs 

as 0.5. 
by addition of 1 
Step 2. Tendons 
therefore not 
Final moments 
of 5and 6. 


Fig. 3.21 (b) — Effect of creep on moments due to conti- 
nuity post-tensioning — Example 2 


Construction procedure 
JEMOON Ej TENDON r,_ F 
Seed eee 
° . (for simplicity assumed 
ev | pot War ` aN constant over length and 
time) 
100 ft. =30.5 m Eccentricity = e 


Moment Calculations 


-1- Bending moments 
j cantilever prestress 
u M*Fe 


—2— Elastic distribu: 
janar | ELELO 
<= = TE 
P m 


tion of bending 
Q.865f» 


moments by pre- 
stress if stressed in 
continuous bridge. 


-—-— —3— Difference of dia- 


—4— Creep bending 
0,559Fe | 
t 0.168 Fe 
4 


moments due to 
cantilever prestress 
obtained by multi- 
plication of dia- 
gram 3 with factor 
(1—e79), taken as 
0.5. 


alias Final bending 


0168 Fe 0.441Fs 0.188Fe moments by can- 
tilever prestress 
0.8325» | l 0.832 F» obtained by addi- 


tion of 2 and 4. 


Fig. 3.22 — Effect of creep on moments due to cantilever 
post-tensioning 


A STILE 


3.3.3 


Analysis for Superimposed Dead Load 
and Live Load 


The main loadings on a precast segmental box 
girder bridge, the dead load of the box girder 


'superstructure and the prestressing force exerted 


by the post-tensioning tendons, were discussed in 
Section 3.3.2 with major emphasis given to mo- 
ment redistribution resulting from creep. After 
the structure has been erected and completely 
post-tensioned, the response of the superstructure 
to additional superimposed dead load and to live 
load is considered in the same manner as for any 
continuous bridge. The response of the structure 
to these loads is elastic. The superimposed dead 
load is subject to additional creep deformation, but 
this deformation does not cause significant re- 
distribution of moments. 

Consideration of the effects of live load on the 
transverse design moments and the use of trans- 
verse post-tensioning in deck slabs is considered in 
Sections 3.4 and 3.5, respectively. 


3.3.4 


The effects of temperature on a precast seg- 
mental bridge superstructure are similar to the 
temperature effects on any bridge superstructure 
in the longitudinal direction. For illustrative pur- 
poses, calculations evaluating longitudinal tem- 
perature effects are presented below. It is noted, 
however, that the Standard Specifications for High- 
way Bridges of the American Association of State 
Highway Officials/9) permit stress increases of 25 
to 40 percent for loading combinations that in- 
clude temperature and shrinkage effects. Since the 
shrinkage effects are substantially reduced due to 
the maturity of the concrete before a continuity 
connection is made, the permissible stress increase 
is usually substantially more than the actual tem- 
perature and shrinkage effects on a precast seg- 
mental box girder superstructure. Furthermore, the 
longitudinal thermal stresses are primarily of con- 
cern relative to the possibility of crack develop- 
ment at service load (which is accepted as a matter 
of course in reinforced concrete structures), and 
the longitudinal temperature stresses would have 
minimal, if any, effect on the strength of the 
superstructure. I 

The effects of temperature are generally believed 
to be more significant in the transverse direction 
where temperature stresses may act in combina- 
tion with the effect of transverse post-tensioning 
of deck slabs. These effects are considered in Sec- 
tions 3.4.7 and 3.5, respectively. 


Analysis for the Effects of Temperature 
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The longitudinal effects of temperature cause 
the total structure length to increase or decrease, 
and where there is a temperature difference be- 
tween the top slab and the remainder of the box 
section, longitudinal bending moments and shears 
result, The change in overall length of structure 
may be accommodated by expansion joints, ex- 
pansion bearing details, and/or flexure of piers. 
The effects of a temperature differential between 
top and bottom slabs is illustrated for simple span 
and continuous bridges. 

For consideration of longitudinal temperature 
differential effects on a simply supported box 
girder bridge, Fig. 3.23 (a) shows a structure where 
the top slab temperature is increased At degrees 
with respect to the bottom of the section, The 
normal expansion ol the ton slab is restrained 
by the webs and tha remainder of the box sec- 
tion. For purposes of analysis, the deformation 
of the box section may be considered to be pre- 


` vented by exerting external forces P at the centroid 


of the top slab level as shown in Fig. 3.23 (a). 
Concrete stresses in the top slab will be: 


f. Ea^t 
where E = modulus of plasticity of concrete 
a = linear coefficient of thermal expan- 

sion 
Under the loading condition in Fig. 3.23(a) the 
stresses in the webs and bottom slab remain zero. 


|f the area of the top slab is A, the required force 
P will be: 


H 


H 


P=f,A 


In Fig. 3.23(b), external equilibrium is restored 
by removing forces P by superimposing forces P’ 
which are equal in magnitude but are in opposite 
directions (P = P"). The force P'«may be considered 
to act at the centroid of the full cross section as 
shown in Fig. 3.23 (c) by introducing the moment: 


M =P" (c. — ei 
The concrete stresses resulting from the equiva- 


lent thermal force and moment are shown in Fig. 
3.23 (d): 


Tor = —EaAt 

f. = +EaAt 5 
C, 

fag (top fiber) = +EaAtA (c.—e) T 


C 
f.4 (bottom fiber) =—EaAtA (c,—e) S 


pa t+At 


P P 
(a) 
t t 
T 
P P 
[ox Et ` (b) 
where E = modulus of elasticity of concrete 1 
a = linear coefficient oi Í 
thermal expansion i 
M (c) 
(1) (2) fea (4) 
fer 
+ | + + = 
(d) 
fea fca 


Fig. 3.23 — Analysis for temperature differential between top and bottom slabs 
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where: 


+ = tension gyi 
compression M 
total area of section 

moment of inertia of section 


B 
l 


Applying these equations to the cross section 
and section properties in Fig. 3.24 for a top slab 
temperature increase of 189 F (109 C), with a = 
55 x 10° in/in./OF (9.9 x 10° m/m/9C), and E = 
4 x 10% psi (27.6 x 10? MPa) [5000 psi (34.5 
MPa) concrete] , the stresses become: 


f. = — 4000 x 5.5 x 10% x 18 = —0.396 ksi 
(-2.73 MPa) 

fon = 10.396 x 1929.6/3614.4 = + 0,211 ksi 
(+ 1,46 MPa) 

f," *0.896 x 1929.6 (18,5 — 4) x 18.5/ 
1142 x 10? = + 0.180 ksi (+ 1.24 MPa) 

fy" —0.396 x 1929.6 (18.5 — 4) 48 — 
18.5/1142 x 10? = — 0.286 ksi 
(—1.97 MPa) 


Total top fiber stress: —0.396 + 0.211 + 0.180 = 

—0.005 ksi (—0.035 MPa) 

Total bottom fiber stress: 0211 — 0.286 = —0.075 
ksi (-0,518 MPa) 


20' ` 
A= 13.4 sq ft 
B = 25.1 sq ft 
(ia 1.54 ft 
1 e = 0.33 ft 
" [= 55.1 ft^ 


1 ft. = 0.3048 m 
1 in. = 25.4 mm 


aia b: 


Fig. 3.24 — Superstructure Cross section assumed for tem- 
perature differential analysis 


From these calculations it is seen that a tempera- 
ture increase in the top slab with respect to the re- 
mainder of the cross section causes Very small 
compressive stresses when the superstructure is 
simply supported. 

In the case of continuous superstructures, re- 
sistance to the rotetion at the supports resulting 
from temperature differentials between top and 
bottom slabs generates additional moments and 
flexural stresses. For the three span structure 
shown in Fig. 3.25 la), the procedure for calcula- 
tion of temperature moments and stresses is as 
follows: 

1. The continuous superstructure is considered to 
be cut over the supports into three simply sup- 
ported spans as illustrated in Fig. 3.25 (b). 
The temperature stresses and rotations at sup- 
ports can then be calculated for equivalent 
thermal force and moment as for simple span 
bridges as described above. 
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2. The restraint moments M,, shown in Fig. 3:29 
(c), required to rejoin the ends of the girders 
over the supports are calculated. 

3. The total temperature effects on the continuous 
structure are obtained by adding the moments 
and stresses resulting from the calculations in 1 
and 2 above. 


==] I eee. "m 


-— An. 
1 


Fig. 3.25 — Procedure for analysis of a three span structure 
for temperature differential stresses 


The calculation procedure for continuous super- 
structures described above in general terms is ap- 
plied in the following to the continuous bridge 
with five equal spans shown in Fig. 3.26 (a). 

Proceeding with the first step in the analysis, 
the superstructure is considered to be cut over 
each support, and a constant equivalent thermal 
moment, M, is applied over the full length of all 
girders as shown in Fig. 3.26 (b). M causes equal 
rotations at each girder end over the supports. In 
order to rotate the girders back to the same slopes 
at the supports, bending moments M, and Ma 
must be applied resulting in the moment diagram 
shown in Fig. 3.26 (c). The total slope at support 
2 resulting from the constant temperature moment 
M acting on simple spans 1-2 and 2-3 may b? cal- 
culated using moment-area or slope-deflection 
techniques as: « 


M2 Me Me 
slope= — * To, OE 
2E| 2El El 


By the same procedure, the slope due to M, and 
M, at support 2 is: 


M,£ Mat Mt 2M Mat 
+ XX 


3c t 361? 6El ` 3El + El 
Setting the slope due to the temperature moment 


equal to the slope resulting from M4 and M> 
provides the following: . 


2M, M2 Me 
30 * GE! El 


a cal la 


5/ 
s MA 
£ 
1 2 4 4 5 6 


Fig 3.26 — Moments in a five-span continuous superstruc- 
ture due to temperature differentials. 


A similar equation is developed for support 3: 


M,2 5M, M2 


GEI GEI El 


Solving these two equations simultaneously for M, 
and M» gives: 


24 
M4 = 79M 
_18 
Mə = gM 


The total bending moment diagram is, therefore, 
the sum cf the diagrams in Figs. 3.27 (a) and 3.27 
(b), as shown in Fig. 3.27 (c). The stresses due to 
this moment diagram and the axial forces due to 
the temperature differential are calculated as fol. 
lows for span 3-4: 

fey =— 0,396 ksi (—2.73 MPa) 

feo = +0.211 ksi (+1.46 MPa) 

fegr= *1/19 x 0.180 = 40.010 ksi (40.07 

MPa) 


fean=— 1/19 x 0.286 = —0.015 ksi (—0.10 
MPa) 


The combined stresses for span 3-4 are shown in 
Fig. 3.27 (d). The compressive stress of 0.07 ksi 
(0.52 MPa) calculated for the simple span case, 
becomes a tensile stress of 0.195 ksi (1.35 MPa) 
in the continuous case. While this is a significant 
stress, the magnitude is much less than the 25 to 
40 percent stress increase for temperature and 
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shrinkage permitted by the specifications. Fu rther, 
the stress is less than 50 percent of ti e modulus 
of rupture of the concrete so temperature stresses 
would not be expected to cause cracl:ing in the 
superstructure. 

The. moments M, and M; cause a change in sup- 
port reactions. For the above example the change 
in reactions at supports 1, 2, and 3 will be respec- 
tively +24M/19%, —30M/192, and +6M/19%2. 

For spans 1, 2, and 3, respectively, and for q = 
80 ft. (24.4 m) and M = P'(c, — e) = E aet (c, — 
e) * 4x 10% x 144/1000 x 5.5 x 10% x 18x 134 x 
(1.54 — 0.33) = 924 ft. kips (1253 kN-m). The 
changes in support reactions are: +14.6 kips, 
—18.2 kips, and 43.6 kips (465.0, —80.9, +16.0 
kN). The weight of the girder is 3.75 kips/ft. 
(54.7 kN/m) which provides dead loac reactions 
at supports 1, 2, and 3 of 119 kips, 339 kips, and 
292 kips (525, 1503, 1294 kN). Ther2fore, the 
change in dead load reactions due to th: tempera- 
ture differential is, for this structure, or. the order 
of 12 percent for the exterior support «nd 1.2 to 
5.4 percent for interior supports. 


H 2 3 4 5 6 
m 
24/19M 
| he 119M 23 l^ fey 
3/19M 
-0.396 40.211 +0,010 -0 12: 
| = | (a) 
I | ` / | 
-0.015 40 196 


Fig. 3.27 — Moments and stresses in a five-span continuous 
superstructure due to a temperature differential of 13°F 
(109C) between top and bottom slabs 


3.3.5 Shear Lag 


3.3.5.1 Computer Analysis of Shear Lag in Single- 
Cell Box Girder Bridges 


Computer analyses of four single celed box 
girder bridges shown in Fig. 3.28 were performed 
to provide data on the magnitude of shear lag 
effects. The computer model assumed rigid dia- 
phragms at the pier and at abutments. Tne cross 
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Fig. 3.28 — Superstructure details assumed for computer 
analysis of shear lag 


sectional dimensions and thicknesses of these four 
bridges were intentionally chosen to exaggerate 
the shear lag effects. The analyses were performed 
using a computer program, MUPDI?, which is 
based on the folded plate method using elasticity 
theory. Longitudinal force distributions obtained 
from these computer analyses were plotted at vari- 
ous sections and compared with forces calculated 
by elementary beam theory. The ratios between 
the peak forces found from the MUPDI computer 
analyses and the forces at the same points found 
by elementary beam theory give a measure of the 
effects which are commonly lumped under the 
designation "shear lag". The forces may be ex- 
pressed in terms of stresses by dividing by the slab 
or web thicknesses. 

The analyses were performed for four different 
loading conditions shown in Fig. 3.29: 1) dead 
load; 2) prestress; 3) live load plus impact for max- 
imum negative moment; 4) live load plus impact 
for maximum positive moment. Loadings 5 and 6 
in Fig. 3.29 were obtained by superposition of 
results for both sides of the bridge in load cases 
3 and 4, respectively. The combination of four 
bridges and four loading conditions required six- 
teen separate analyses. 

Since the major interest in this investigation was 
the ratio of the peak longitudinal forces from the 
MUPDI analysis to the forces at the same points 
found by elementary beam theory, these are sum- 
marized in Tables 3.2 and 3.3. Results are given at 
four points on the cross-section a, b, c, d where the 
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HH I is at no 


Fig. 3.29 — Loading cases for computer analysis o! shear 
lag 


Lie bh OR HAZ POS MOMENT 


peak forces occur. Results are given at severe! sec- 
tions along the span which are deemed important. 
These include sections at midspan; maximum + 
M; maximum — M (center support); severa! sec- 
tions close to the center support; and sections 
where concentrated live loads act. 

A careful study of Tables 3.2 and 3.3 reveal a 
number of important facts. !n the following, the 
ratio of the longitudinal force N, obtained from 
the MUPDI analysis to that obtained from ele- 
mentary beam theory will be called “force ratio"' 
for brevity. 


1. Comparing force ratios of structure A with those 
of structure B, they are seen to be very similar. 
The same is true comparing results for structure 
C with those of structure D. This indicates the 
force ratios are essentially independent of varia 
tion in depth for a given span (within the span 
depth ratio range between 20 and 30). 


2. Comparing force ratios of structures A and 
B with those of structures C and D, it can be 


czTop of Web 
dzBotiom of Web 


b=Bottom Slab 


Table 3.2 Summary of results for longitudinal force ratios for structures A and B 


Structure A Structure B 
L = 150 ft. D = 7.5 ft. I L = 150 ft. D = 5.0 ft. 


Ratio of N, Ratio of N, 


Dist. X 


from MUPDI 3/Beam Analysis MUPDI 3/Beam Analysis 
Load Support 

Case a b c d 
1 MAX +M 1.04 1.07 1.04 1.06 
MIDSPAN 1.04 1.07 1.05 1.07 
Dead 1.08 1.11 1.09 1.10 
Load Lis 1.16 1.18 11.15 
1.35 1.37 1.40 1.39 
1.44 1.46 1.52 1.50 

2 MIDSPAN 0.92 1.02 0.91 1.02 
1.01 0.61 1.02 0.59 

Pre- 1.06 3.46 1.06 3.63 
Stress 1.05 3.00 1.06 3.00 


1.06 2.36 1.08 2.39 
1.07 1.96 1.10 2.07 


1,12 149 1.41 1.13 
1.33 1.33 1.36 1.35 
1:23 1.25 1.26 1.25 
1:32 1.33 1:32 dl 
1.63 1.58 1.70 1.61 
1.81 1.66 1.91 1.74 


1,15 1.18 1.20 1.18 
1.04 1.07 1.05 1.07 
1.18 1.26 1.22 1.21 
1.33 1.32 1.35 1.29 
1.64 1:60 1.09 1.19 


1.75 1.68 1.78 1.77 


1.08 — 107 1.04 — 1.07 
1$ A 1.14 1.13 
1.10 109 1,10 140 
114 1.16 1.14 1.414 
135 136 1.39 137 
148 — 144 1.52 1.47 


1.04 1.07 1.08 1.07 
1.00 1.03 1.00 1.04 
1.05 1.13 1.08 1.08 
1.17 1.16 1.18 1.13 


MIDSPAN 
PT. LOAD 


PT. LOAD 
MIDSPAN 


MAX -=M 


MIDSPAN | 
PT. LOAD 


PT. LOAD. 
MID SPAN 


for 148 1.36 1.38 1.39 1.42 
+M 150 1.41 1.46 143 1.50 
1 ft. = 0.3048m 
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a =Top Slab 


czTop of Web 
d=Bottom of Web 


b=Bottom Slab 


Table 3.3 Summary of results for longitudinal force ratios for structures C and D 


Structure C 
L = 300 ft. D = 15 ft. 
Dist. X Ratio of N, 
from MUPDI 3/Beam Analysis 


Load Support 
_Case 
1 MAX +M 0.99 1.01 1.00 1.02 
MIDSPAN 1.02 
Dead 
Load 
MAX — M 
2 MIDSPAN 
Pre- 
Stress 
3 MIDSPAN 
PT. LOAD 
2 Lanes 
LL+I 
for 
—M 
4 PT. LOAD 


MIDSPAN 


MIDSPAN 
PT. LOAD 


PT. LOAD 
MIDSPAN 


1 ft. = 0.3048m 
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Structure D 


L = 300 ft. D = 10 ft. 


Ratio of N, 
MUPD! 3/Beam Analysis 


seen that the latter are considerably lower indi- 
cating that an increase in span results in a de- 
crease in force ratio. This is logical since it is 
generally recognized that "shear lag" is inverse- 
ly proportional to the span length to plate 
width ratio. 


3. For a given structure, considering the dominant 


: forces for any of the loadings, the force ratios 
are highest at the center support and drop off 
rapidly « few feet away. (Note that nearly all 
force ratios are less than 1.10 at 6 ft (1.8 m) from 
the center support.) The dead load longitudinal 
force variation across the section of structure B 
et 6 ft. away from the support and at the sup- 
port is shown in Figs. 3.30 and 3.31, respec- 
tively; and similar drawings are presented for 
structure D in Figs. 3.32 and 3.33. The force 
ratios in the midspan positive moment regions 
are much smaller. The force ratios are primarily 
a function of shear lag, which in turn is a func- 
tion of the magnitude of che shear, which is 
greatest at the center support. The forces can 
be expressed in terms of stresses at the various 
points by dividing by the web or slab thickness, 
respectively. 


4. For the important dead loud case 1, the force 


ratios at the center support ranged from 1.41 to 
1.52 for structure: A and B, and from 1.13 to 
1.23 for structure. C and D; while at midspan, 
they ranged from 1.04 to 1.07 for structures A 
and B and from 6.99 to 1.02 for structures C 
and D. 


5. The force ratios for the dorainant stresses under 
the prestress load case 2 were generally much 
smaller than the force ratios for dead load. For 
structures A and B, some nigh values of force 
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Fig. 3.30 — Longitudinal force variation structure B six feet 


from center support 
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Fig. 3.31 — Longitud nal force variation in stricture B at 
center support 
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Fig. 3,32 — Longitudinal force variation in structure D 
six feet from center support 


ratio resulted at points b and d due to the rela- 
tively small absoiute value of the force at those 
points calculated by beam analysis. When com- 
pared to small initia! values of N, from beam 
analysis, the values of N, from MUPDI gave 
large force ratios, even though the numerical 
force increase v/as not large. For dominant 
forces in the top slab, the force ratios for the 
prestress load case ranged from 1.01 tc 1.12 for 
structures A and B, and from 0.99 to 1.09 for 
structures C and D. 


6. As seen in the key to load cases shov n in Fig. 


3.29, loadings 3 and 4 represent 2 lanes of live 
loading, plus impact, placed on one half of the 
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Fig. 3,33 — Longitudinal force variation in structure D 
at center support 


transverse cross-section. Thus, force ratios for 
these loadings reflect not only the effect of 
shear lag, but also of eccentric loading. As 
mentioned earlier, live load forces are much 
smaller than dead load forces. For load cases 3 
and 4, force ratios at the center support ranged 
from 1.65 to 1.91 for structures A and B and 
from 1.17 to 1.39 for structures C and D. At 
the sections where the concentrated live loads 
acted (near midspan) the force ratios ranged 
from 1.12 to 1.47 for structures A and B and 
from 1.02 to 1.12 for structures C and D. 


7. As seen in the key to load cases shown in Fig. 
3.29, loadings 5 and 6 represent 4 lanes of live 
loading, plus impact, placed symmetrically on 
the transverse cross-section. Thus, force ratios 
for these loadings are due only to the effect of 
shear lag. Force ratios at the center support 
ranged from 1.35 to 1.52 for structures A and 
B, and from 1.07 to 1.23 for structures C and D, 
which are very similar to the force ratios for the 
dead load case. At the sections where the 
concentrated live loads acted (near midspan) the 
force ratios ranged from 1.00 to 1.20 for struc- 
tures A and B and from 1.00 to 1.04 for struc- 
tures C and D. 


3.3.5.2 Consideration of Shear Lag in Bridge 
Designs 


As noted in Section 3.3.5.1, the section param- 
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eters chosen for the computer analyses were in- 
tentionally selected to provide an upper bound to 
the magnitude of the shear lag effect that could 
be expected in a bridge. The shear lag effect from 
the prestressing counteracts the shear lag due to 
dead load and live load. In this regard, the model 
used in the above computer analysis, which con- 
siders the bridge post-tensioned by continuous ten- 
dons from end to end of the bridge, probably un- 
derestimates the actual magnitude of shear lag due 
to prestressing in a segmental structure. The use of 
partial length tendons concentrated directly over 
the webs in the negative moment area would result 
in a higher stress concentration at these pdints 
counteracting shear lag effects even more than 
results from the continuous tendon assumption 
used in the MUPDI analysis. 

An important finding from the computer anely- 
sis was the very limited length of structure in 
which significant shear lag effects were found to 
occur, As illustrated In Section 3.3.5.1, the maxi- 
mum effects are 10 percent only 6 ft. (1.8 m) 
from the center of the support. In most designs, 
this would mean that shear lag effects are only 
significant within the pier section, The computer 
analyses also show the most significant effects on 
the short span (150 ft.) (45.7 m) structures with 
higher width to span ratios. 

It is felt that the above discussion of the magni- 
tude and length of structure affected in conjunc 
tion with the specification requirement of zero 
tensile stress in the top slab under full service 
load, which in itself provides e tensile stress resid- 
ual capacity in the concrete in excess cf 500 psi 
(3.45 MPa) between service load and the initia 
tion of cracking, provide sufficient justification for 
disregarding explicit consideration of the shear 
lag effects in most practical bridge design projects. 
For shorter span structures (150 ft.) (45.7 m) 
with wide (40 ft.) (12.2 m) single cell segments, 
shear lag might be considered in the pier segment 
by providing some nominal residual compressive 
stress under peak negative moments, or by use of 
computer programs such as MUPDI 3 to evaluate 
the magnitude of the shear lag effect. 


3.3.6 Ultimate Strength Analysis 


Precast segmental bridges erected in cantilever 
will normally have excess ultimate strength ca- 
pacity under full loading conditions because the 
negative moment tendons are proportioned to 
maintain zero tensile stress in the top slab :n any 
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condition of ereciion or service loading. Therefore, 
the combination of r.3gative moment tendons and 
posicive moment continuity tendons will usually 
provide more th: 1 adequate longitudinal moment 
capecity to mee. the load factor requirements 
under loading conditions which produce maximum 
mor ents in the continuous structure. 

Under partial loadiigs which produce maximum 
posicive moments in one span, a check should be 
mada to assure that the structure has the negative 
monient capacity required in the adjacent un- 
loadad spans to withstand any moment reversal 
that might occur. Additional tendons may be re- 
quired in the top slab at midspan to assure continu- 
ity h@tween the top slab negative moment tendons. 
This check is important to avoid the possibility 
that a negative moment hinge might form in an 
unloaded span before the sections in the loaded 
span have reached their ultimate capacity. 

Fig. 3.34 shows ultimate moment curves for a 
three-span segment of a precast segmental bridge. 
Curve (a) shows the required moment capacity 
under full loading of all spans. Curve (b) shows the 
required moment capacity under loading of the 
central span only. Note that negative moment ca- 
pacity is required at the center of the unloaded 
spans under the partial loading. The ultimate 
moment capacity of the structure is indicated be- 
tween the shaded areas. 
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Fig. 3.34 — Ultimate moment curves vs. capacity for a three-span segment of a precast segmental bridge! ?'? 
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Fig. 3.35 — Initial loading and reaction assumption for 
transverse analysis 


¿A 
(a) 
7 CR p 


-R 
-Rj g 
+Ra E 
(b) 
4 HRs 
+R 
+R | : . 
Ra Ra 
—» 


BOR p d... 


Y R4*R2) YR4*R2) WR4 —R3) YR3—R3) 
=P =P 


Fig. 3.36 — Non-symmetrical loading and reaction assumption for transverse analysis 
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3.4 Transverse Analysis 


3.4.1 General 


Transverse moments, shear and axial forces in 
box girders are analyzed taking into consideration 
tie longitudinal geometry, torsional properties, 
and transverse geometry of the box girder. Inter- 
mediate diaphrams are generally not required, and 
the cesign method presented in the following sec- 
tions does not include consideration of them. 


2.4.2 Principles 


In Fig. 3.35 (a), loading 2P per unit length is 
a;sumed to be constant over the length of a simply 
sippcrted box girder with section ABCD. Con- 
sider the corners of the box girder supported as 
siown in Fig. 3.35 (b). The analysis reduces then 
tə Si ple case of a frame. This analysis is carried 
out md transverse moments, shear and axial 
force. are calculated. Also the support reactions 
F1, Ro, Ra, and Ra are evaluated. 

Noa-symmetrical loading as indicated in Fig. 
3.36 (a) would cause bearing forces or support 
reactions as shown: 


HR 2 Ro and Ha x =Rig 


The fact that previously assumed supports are not 
present must be accounted for by subsequent 
loading of the box girder by forces opposite to 
Ri, Ra, Ra, and R4. These forces are shown in 
Fig. 3.36 (b). For a subsequent analysis of the box 
girder by forces Ry, Ra, Ra, and Ra, these loads 
are rearranged in symmetrical and antisymmetrical 
components as shown in Fig. 3.36 (c). 


3.448  Symmetrical Box Girder Loading 


Syrametrical loading of the box girder as shown 
in Fig. 3.37 (a) causes longitudinal bending and 
shear that has been accounted for in the calcula- 
tion of longitudinal prestressing. Transverse mo- 
ments are, because of the placement of the load 
at the webs, secondary in nature and usually neg- 
ligible. Not negligible, however, are the transverse 
axial forces which are: iension in webs, tension 
in bottom slab, and compression in the top slab, 
Top and botto.n slab axial forces are a conse- 
quence of the rte of change of longitudinal shear 
as is sown in the following. The box girder shown 
in Fig. 3.37 (b) is cut through the longitudinal 
centerline. Support and loading P are indicated. 
Shear forces T4, Tz, and T4 occur in top slab, 
web and bottom slab, respectively, in a section of 
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Fig. 3.37 — Transverse analysis for symmetrical loading 


the box. The direction of T, is the same as that of 
the load P. The directions of T, and T4 aʻe as 
shown, since they must be at right angles to the lon- 
gitudinal shear forces in top slab and bottom slab 
caused by the rate of change of longitudinal 
bending moments. Over a length L' the raie of 
change of the shear forces in top slab, web, and 
bottom slab is T,’, Ta”, and Ty”, respectively, 
Obviously T2’ equals the vertical load P on L'. 
However, in the horizontal direction equilibrium 
can only be obtained by addition: of transverse 
axial forces in top slab and bottom slab as sh awn. 
These axial forces are equal to rates of chanye of 
shear forces T, and Ts, being T,’ and T3’ as is 
shown in Fig. 3.37 (b). T,” and T3’ are obtz ined 
from the rates of change of the shear stress which 
may be calculated as illustrated in Fig. 3.38. The 
shear stress diagram over the bottom slab, maxi- 
mum value r, is shown in Fig. 3.38 (b). The value 
of r may be calculated as: I 


Pbdz Pbz 


dl | 


T 


where | is the moment of intertia of the half sec- 
tion shown. From the distribution of the <hear 


Fig. 3.38 — Transverse analysis for symmetrical loading 


stress over the top and bottom slab as shown in 


Fig. 3.38 (b): 
drb 
T4,2T34'2— 
1 3 2 
Substituting the value of z from above: 
Pb?dz 
T = T + = 
1 3 2] 


The transverse axial force diagram caused by cen- 
tral loading of 2P is as indicated in Fig. 3.38 (c). 
The shortening cr elongation of the individual 
members due to axial loads sets up transverse mo- 
ments which can usually be neglected. 


3.4.A — Antisymmetrical Loading 


Antisymmetrical loading of the box girder as 
shown in Fig. 3.39 (a) affects the structure in the 
following ways: 


1. In the transverse direction, transverse bending 
and torsional shear are induced. 

2.In the longitudinal direction, moments and 
shear forces are set up acting in the planes 
of the bottom slab and top slab. 


ES 


Fig. 3.39 — Antisymmetrical box girder loading effects 


Since the box girder is reiatively stiff in the 
transverse direction, the response of the structure 
to upward and downward forces —P and +P is to 
balance transversely. This results in transverse 
moments M, and horizontal and vertical shear 
forces S, and S, as shown in Fig. 3.39 (b). There 
are also horizontal and vertical displacements h 
and v. I 

These displacements h and v cannot occur with- 
out the resistance of the top slab and bottom slab 
(h) and webs (v) in the longitudinal direction. 
Deflection v of web AD will cause longitudinal 
bending stresses, compression —T at D and tension 
+T at A. Because of compatability of strains, 
equal stresses +T occur in the top slab CD due to 
horizontal displacement h as shown in Fig. 3.39 
(c). This illustrates that, as a result of transverse 
deformations, bending moments and shear forces 
are set up in the longitudinal direction of the box 
girder. The longitudinal forces act in the planes of 
the slabs and webs and, as a result, part of the ex- 
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Fig. 3.40 — Horizontal forces and shear forces acting on 
` box girder 


.ternal load P, say Ty’, is carried by the webs direct- 

ly to the supports. At the same time, shear forces 
T'a are acting in the top and bottom slab. The ratio 
of T', and T’, follows directly from the geometry 
of the box section as a consequence of equal 
stresses T at the corners. 

After having determined the basic consequences 
of transverse deformations, the box girder may 
be cut at the horizontal neutral axis. Fig. 3.40 (a) 
shows the top half to the box girder and the hori- 
zontal torces, discussed up to this point, acting on 
it. The lack of horizontal equilibrium is restored 
by the torsional shear forces. A torsional moment, 
uniformly applied over the length of the box 
girder, by loads +P and —P per unit length, changes 
at the rate of M', per unit length; where M', = 
PH. Assuming the concrete thickness d to be small 
with respect to box girder dimensions V and H, 
the shear forces t, are constant per unit length of 
web or slab. Torsional shear forces, therefore, are 
in the webs t'. = t', V, and in top and bottom 
slab t'h = t',H as indicated in Fig. 3.40 (b). The 
value of the various torsional shear forces may be 
calculated as follows: 


where t’, = torsional unit shear force 
T torsional shear stress 
M, torsional moment per unit length of 
box girder 
t, and th = rate of change of torsional shear 
force in the web and slab, respec- 
tively. 


3.4.5 Evaluation of the Contributions of Trans- 
verse Bending, Longitudinal Bending and 
Torsion to Resistance of Antisymmetrical 
Loading. 


The top half of a box girder section with unit 
length L' is shown in Fig. 3.41 (a) with the hori- 
zontal forces acting on it. Horizontal equilibrium 
leads to the expression: 


The left half of the box section with unit length 

L' illustrated in Fig. 3.41 (b) shows the vertical 

forces acting on it. Vertical equilibrium leads to: 
2S, * T”, +t, =P 

A complete box section with length L' is shown in 

Fig. 3.42 (a) with the forces acting on it. Moment 


equilibrium of the forces in Fig. 3.42 (a) leads to 
the expression: 


tts Vee = TA V= PH s) 


(b) 


Fig. 3.41 — Equilibrium of horizontal and vertical forces 
under antisymmetrical loading 
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Fig. 3.42 — Box section equilibrium under antisymmetrical 
loading 


Fig. 3.42 (b) shows a box section with unit length 
L' indicating displacements h and v and the forces 
resisting these displacements. This leads to: 
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d = web thickness 

d, = slab thickness 

B = rotation of corner 
L' = unit length 

L - span length 


In the longitudinal direction: 


: EdV? P Ed, H? 
veal yb 12 andh =aT', L 12 


The rate of change of longitudinal shear forces 
T'a and T', are considered external uniform dis- 
tributed load. The coefficient a equals 337 for the 
deflection of a simply supported beam. 


The relations of S, and S, and t', and t', fol- 
low from the geometry of the box girder: 
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The above equations permit solution for all un- 
knowns. 


3.4.6 Example Transverse Analysis Ca!culations 


The box girder section shown in Fig. 3.43 has 
a simply supported span of 40.00 m (131.2 ft.) 
length. The moment of inertia of the full section is 
2.76m^ (319.5 ft.4). A linear load of 10 t/m 
(6.8 k/ft.) is present ever the full length of the box 
girder. Web and slab thicknesses are 0.3 m (1.0 ft). 

Consider the box supported at four corners as 
shown in Fig. 3.44. 
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Fig. 3.43 — Example transverse analysis box girder section 
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Fig. 3.44 — Support assumptions for example transverse 
analysis 


(a) Moments, t-m/m (b) Axial Forces, t/m 


1 t/m : 0.678 k/ft. j 
1 t-m/in = 2.2 k-ft /ft. 


892 (c) Support Forces, t/m 1,08- 


Fig 3.45 — Moments, axial forces, and support forces for example transverse analysis 
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Fig. 3.46 — Adjustment of support forces for example transverse sabei 


Bending moments, axial forces and support 
forces are obtained from a conventional moment 
distribution calculation. The resulting diagrams are 
presented in Figs. 3.45 (a), 3.45 (b), and 3.45 (c). 

The supports not actually present are taken into 
account by the loads of Fig. 3.46 (a), which in 
turn are subdivided into the loads of Figs. 3.46 
(b), 3.46 (c), and 3.46 (d). 

The central loading of Fig. 3.46 (b) causes 
longitudinal bending only. Transverse moments are 
negligible. However, axial forces are developed 
which are shown in Fig. 3.47. The transverse axial 
force is evaluated as: 


5x0.3x2.85? x 0.85 
1/2 |——————— | 2 3.75 t/m 
1/2x 2.76 


(2.54 k/ft.) 
The loading of Fig. 3.46 (c) causes transverse and 
longitudinal. bending and torsion. In accordance 
with Section 3.4.5: 
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for displacements h'and v: ` y 
A" H 


ae 
—-« ku -| 
384 12 


"m 
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pe k= J 
384 12 


Substituting these values of h and v in the above 
equation: 


12 Ea 57 S, x cad 
— + — as ——M—Á 
24.033 17^ 033 


5 apl EA 12x T' | 
384 0.3x5.7°x1.7 0.3xB.7X1.7% 


7° spa 
S, = 177.17 + 
325 289 


-545 T’, +61.3 T^, 


From vertical equilibrium: 
3.92 =t +T +25, 


From moment equilibrium: 


— 92 x» B. + ly ABA — Ta x14 tt 
t,"x1.7=0 
: L^ M 
making use of == = == 
th ud 
= 3.95 t; 


x5 


and as a consequence of equal longitudinal stresses 
at the corner of the box girder: 


0.85T,,’ 2.85T,,’ 
175 57? 
Tr = 11.24 T," 7 
substituting in the moment equilibrium equation: 
=22 34 = 1841 T + 11.47,"=0 
Solving the above equations: 


T, = 0.026 t/m (18 Ib.’ ft.) 
TW = 0.30 t/m (203 Ib.’ft.) 
Sy = 0.95 t/m (644 Ib.: ft.) 
ty = 1.99t/m (1350 Ib /ft.) 
th = 6.67t/m (4520 Ib./ft.) 


Corner moments M, = 0.95 
(5.96 k-ft./ft.) 


Resulting bending moment and axial force dia- 
grams are presented in Figs. 3.48 (a) and 3.48 (b). 


Axial forces are obtained from: 


x 2.85 = 2.71 tx m/m 


2x21]. 


top slab: = 3.18 t/m (2160 lb/ft) 


check: 3,18 = t, — Th = PSI = 3,18 


wii ULM = 0.95 t/m (644 |b tt) at top 


` 8.92 — 0.95 = 2.97 t/m (2010 Ib./ft.) 


at bottom . 
202 = t BT, 
= 1.99 + 0.03 


check: 2.97 — 0.95 = 


1 /m 7 0.678 k/f1, 


Fig. 3.47 — Transverse axial forces for example transverse 
analysis, t/rn 
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(a) Moment, t m/m 
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(b) Axial Force, t/m 
Fij. 3.43 — Bendin:, moment and axial force diagrams re- 
sulting irom example transverse analysis loading case of 
Fig. 3.46 (c) 
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Fig. 3.49 — Bending moment and axial force diagrams re- 
sulting from example transverse analysis loading case of 
Fig. 3.46 (d) 


A solution for loading case d in Fig. 3.46 is ob- 
teined in a similar manner. Moment and axial force 
d.agrams are presented in Figs. 3.49 (a) and 3.49 
(b), respectively. 

The final results of the investigation shown in 
F.gs. 3.50 (a) and 3.50 (b) are obtained by addi- 
tion of the results given in Figs. 3.45, 3.47, 3.48, 
and 3.49. 

Conclusions from the example transverse analy- 
sis calculations are as follows: 
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Fig. 3.50 — Final moment and axial force diagrams result- 
ing from example transverse analysis 


1. Transverse bending moments are influenced 
considerably by torsion to the extent that maxi- 
mum moments occur at places other than expected 


in the case of a regular frame [compare Figs. 
3.45 (a) and 3.50 (a).] 


2. Transverse axial tensile forces cannot be neglect- 
ed since they increase the required amount of rein- 
forcement. These forces are particularly signifi- 
cant in.the bottom slab, 


3. Axial compressive forces reduce the required 
amount of reinforcement. This is particularly 
significant in the webs at the connection with the 
top slab. At these points, compressive forces are 
high and occur simultaneously with high moments. 


4. Corner moments as given in Figs. 3.48 (a) and 
3.49 (a) caused by loading indicated in Figs. 


3.46 (c) and 3.46 (d) may be approximately 
calculated as Pe/8 where P is the vertical or hori- 


zontal force, and e is the width and depth of the 
box respectively. 


5. When span/depth ratios are constant, longitud- 
inal bending has very little influence on trans- 
verse moment distribution. 


34.7  Transverse Temperature Effects 


Tensile stresses in the box girder cross section 
may be generated by the following temperature 
effects: 


1. At sections near the supports, the relatively 
thin top slab may cool much more rapidly 
than the thicker bottom slab. This will 
cause tensile stresses around the exterior of 
the cross section. 


2. With strong and prolonged sun radiation on 
the bridge surface, the air in the interior of a 
hollow box girder may become heated to 
over 1009 F (389 C). When the outer air 
cools during the night, the temperature dif- 
ference between the interior and outer air 
produces transverse flexural moments in the 
webs and slabs which cause tensile stresses 
around the exterior of the cross section. 
Fig. 3.51 shows the moments and stresses 
in a single cell box girder at midspan and at 
the support for a temperature difference of 
279 E (15° C) between the air inside and 
outside the box.” 


3. Thick concrete elements exposed to intense 
sun radiation are subject to substantial ten- 
sile stresses when the exterior surfaces cool 
due to the lag in response of the interior con- 
crete to the temperature change. 


The significant tensile stresses shown for the 
bridge section in Fig. 3.51 illustrate the desir- 
ability of avoiding the use of thick concrete webs 
and slabs which are highly rigid with respect to 
transverse flexure. The flexural stiffness is, of 
course, a function of both the thickness and length 
of the structural element. This factor becomes 
more significant when the transverse temperature 
stresses are combined with the transverse tensile 
stresses in webs that result from the transverse 
post-tensioning of deck slabs as discussed in Sec- 
tion 3.5. The joint between the web and bottom 
slab near supports is a point where the combined 
tensile stresses may become high, and, at this point, 
it is particularly important that any cracks which 
may result from the various effects be anticipated 
in the design. These tensile stresses and potential 
cracks may be accommodated by use of a conser- 
vative design of nonprestressed shear reinforce- 
ment, or by the use of prestressed stirrups. The 
latter option has the advantage of providing a 
much higher degree of assurance against cracking 
in the webs. 


3.5 Analysis and Transverse Post-Tensioning 
of Deck Slabs 


35.1 Live Load Plus Impact Analysis 


Analysis for live load plus impact moments 
and shears in deck slabs of precast segmental 
bridges requires consideration of the effect of con- 
centrated loads on variable depth plates which 
are integral parts of a tubular frame. Design of such 
slabs is accomplished by use of charts of influence 
surfaces for variable depth plates. 10) 

For cantilever slab moments, the use of the in- 
fluence charts simply requires computing the sum- 
mation of the ordinates of the wheel loads plotted 
on the influence surface and multiplying by the 
magnitude of the wheel load to obtain the mo- 
ment per unit length for the point under cons dera- 
tion, For interior span positive moments, the 
influence surfaces are used to determine fixed end 
moments for various position" of the load The 
fixed end moments are then used in a jrame 
analysis to determine the effects of live load on 
the frame. l 

More extensive discussion o! calculation of live 
load moments using influence surfaces md a de- 
sign example for a transversely »ost-tensioned deck 
are presented in "Post Ten: oned Box Girder 
Bridge Manual" published by he Post-Tensioning 
Institute. '9 

The analysis of two or mc e box girders con- 
nected by a common slab requires consideration 
of the flexural and torsional restraints at supports 
as well as the flexural and torsional response of 
the box girders and the connection slabs. This 
analysis may be accomplished by an extension of 
the analytical procedures described in Section 
3.4. A detailed procedure to accomplish this analy- 
sis has been published." 1? Alternatively, the analy- 
sis of single or multiple cell box girder sections 
may be made by use of one of the available ccm- 
puter programs. 


3.5.2 


Transverse post-tensioning of deck slabs ofíers 
the following advantages in comparison with non- 
prestressed transverse reinforcement: 


Transverse Post-Tens oning of Deck S! ibs 


1 The deck slab thickness. is reduced with re- 
sulting reductions in concrete quanti ‘tes 
and dead load moments and shears. 


2 Longer slab spans may be achieved w! ich 
permits reduction in the number of webs 
required in wide structures. This red: ces 
forming costs and concrete quantities. 
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Fig. 3.51 — Transverse moments and stresses due to a temperature difference of 27°F between the outer and inner surfaces of a 
box girder! 1?) 


3 A high level of assurance is provided against 
the development of longitudinal cracking in 
the deck slab. This provides a more durable 
deck with minimal potential maintenance 
costs. 


4 In the area of top slab anchorages, such as 
illustrated in Fig. 2.8, transverse compres: 
sion is helpful in counteracting tensile stresses 
in the slab which result from concentrated 
anchorage forces. 


5 For wide segments, the use of transverse 
post-tensioning in the deck slabs usually 
results in reduced overall structure cost. 


Transversely post.tensioned deck slabs also nor: 
mally have transverse and longitudinal nonpre- 
stressed reinforcement in the top and bottom of 
the slab. This contributes to the flexural capacity 
of the slab in ultimate strength calculations and 
provides the necessary flexural capacity to permit 
removal of the section from the forms and handl- 
ing prior to stressing of the transverse tendons. 
The transverse post-tensioning is proportioned to 
limit the tensile stresses in the deck slabs to the 
design values. Subsequently, the slab is checked 
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to see f the combined prestressed and nonpre- 
stressed reinforcement ir the transverse direction 
is sufficient to meet the load factor requirements. 
If not, the amount of sithe- the prestressed or 
nonpres:ressed reinforcement should be increased 
as required. 

Tendon profiles for transverse deck slab rein- 
forcement may vary depending on the type of ten- 
don material and on other design and construction 
requirernents. Tendon geometry used for the Kish- 
waukee River Bridge is shown in Figs. 3.52 and 
3.53. F g. 3.52 illustrates the use of bar tendons, 
and Fig. 3.53 the geometry proposed in the design 
drawincs. The placement of the bar tendons in 
the center of the slab was selected in this case to 
provide a means of support for the longitudinal 
tendon: . While this increased the required) amount 
of tran: verse post-tensioning hy about 30 percent, 
this increase in cost was offset by reduction in 
labor r quirements for placement of the longitud 
inal tendons. The tendon profile shown in Fig. 
3.53 was selected! to more closely approximate 
the moment diagram. 

One additional factor that must be considered 
when transverse post-tensioning of the deck slab 
is used is the effect of the transverse elastic short- 
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Fig. 3.5; — Transverse and longitudinal post-tensioning, Kishwaukee Brirdge, Illinois 
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enint, of the deck slab in generating additional 
transverse moments and strasses. The lateral bend- 
ing of the webs sets UP fixed end moments that 
must be distributed throughout «he transverse 
frame, An analysis of this effect on à cross Sec 
tion of a post-tensioned box girder bridge cast-in- 
place on falsework is shown in Fin. 354.12 
For wide sections, such as this, rele tively high 
tensile stresses are generated py the slap short- 
ening, Evan in narrower sections that might ba 
expected in a precast segmental bridge, this effect 
may be substantial and should be considered in 
the cesign. These stresses becomé highest near piers 
where the transverse frame elements are thickest. 
A design. check should be made to assure that 
stresses resulting from transverse post tensioning 
of the deck slab, in conjunction with the transverse 
temperature stresses discussed in Section 3.4.7, 
are not sufficiently high to cause sracking at 
me bottom exterior corner as illustrated in Fig. 
355.12 The magnitude of these stresses and the 
potential for crack development are minimized 
by use of the thinnest possible concrete sections 
consistent with strength requirements and with 
segment design recommendations presented in 
Chapter 2. 


desig drawings, Kishwaukee River Bridge, Minois 
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3.6 Analysis and Correction of Deformations 


3.6.1 General 


The development of segmental construction has 
made it economical to build slender concrete 
bridges with long spans. Asa result, the magnitude 
of the deformations and deflections may be in- 
creased to such an extent that they require more 
attention and usually need adjustment during con- 
struction. The amount of deformation is further 
increased by erection of à structure in free can 
tilever. The deforrnations require correction of the 
geometry of a structure during segment fabrica- 
tion which can only be based on an effective pre- 
diction of the deformations. 

Erection of a typical span in a multispan bridge 
usually starts at a pier by placing segments alter- 
nately on both sides in free cantilever until mid- 
span i$ reached. The newly erected cantilever is 
then connected to the completed part of the struc- 
ture by casting the midspan splice. This procedure 
is repeated for each additional span, however, with 
different resulting deformations since these depend 
on the statical system in which the addition takes 
place. Obviously, this statical system changes 


Midspan cross-section 


Transverse bending moment in 
ft-kips per ft, for Vo * 67,197 1/11 (99.1 t/m} 


1 tt, = 0.3049 m 
1in.= 25.4 mm 
1 ft.-k/ft, = 0.48 t-m/m 


Correspondina 
edge stresses 
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] Support cross-section 
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: 18.8 in. 
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Poimi 
Midspan 
Support 


Fig. 3.54 — Transverse bending moments due to normal force component of post-tensioning in deck slab 1? 


Bridge axis—-] 


Transverse prestress 7 


Fig. 3.55 — Potential cracking due to temperature stresses 
and elastic shortening of slab due to transverse post-tension- 
~ (12) 

ing 


numerous times in the construction process. The 
analysis of deformations therefore implies the sum- 
mation of deformations in all successive inter- 
mediate phases. This is 2 tedious and complex, 
but, nonetheless unavoidable, aspect of the design 
calculations. 


3.6.2 


Important contributions to deformations, elastic 
as well as creep, are made by self weight, prestress- 


Analysis 
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ing (cantilever, continuity, and losses), and dead 
load. As mentioned abowt, total ceformations 
are obtained by summing up the contributions of 
each intermediate phase cf construction. Also, 
the changes occurring after completion of the 
structure are added. The vari >us phases are: 


Phase A: condition of 'ree cantilever 

Phase B,B': intermediate phases (connection of 
a new cantilever to completed 
structure) 

Phase C: completed st: ucture 


Deformations are either hand or computer calcu- 
lated. In the latter case, the influence of time de- 
pendeat properties such as modulus of elasticity 
of corcrete, influence of creep, shrinkage, and 
relaxation losses on tendon forces, and differences 
in the creep factors of individual segments can be 
integrally entered into the calculations. In the case 
of hand calculations, this is not feasible and sim- 
plifications are needed. 

The following sections are based on the assump- 
tion of hand calculated deformations. lt is com- 
mon practice to consider deformations due to 
bending moments only, since those by axial and 
shear forces are usually negligible. I 


3.6.2.1 Phase A — Free Cantilever 


Loading conditions are: 

1. Elastic deflection due to self weight. 

2. Elastic deflection due to initial cantilever 
prestress. 

3. Creep deformat.>n of 1 and 2 for the dura- 
tion of this phas.:. 


The deflected shape of the completed cantilever is 
easily calculated. El:stic deflections due to self 
weight and prestres; are calculated assuming a 
Young's modulus of elasticity: 


E-33w 7? Jf. 


where f', = cylinder strength of concrete in 
psi at the time of erection 
w = unit weight of concrete in lb. per cu. ft. 
E may be assumed constant for precast segments 
after the segment age reaches 28 days. 


The prestressing force used for the calculation is 
the total of initial tendon forces reduced only 
by friction losses and part of the steel relaxation 
loss. The relaxation ioss is evaluated from a relaxa- 
tion-time curve based on test results by the steel 
supplier, or from tyoical relaxation curve: such as 
given in Figs. 3.56 a) and 3.56 (b), anc an esti- 
mate’ of the time the cantilever is in phase A. 
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This tirne is also needed for the determination of 
the contribution of creep to the deformations. 
Steel relaxation varies significantly for different 
post-tensioning materials (wire, strand or bar), 
and low relaxation materials are available (relax- 
ation losses for low relaxation strand are in the 
range of 25 percent of the values in Fig. 3.56 (a)). 
For this reason, use of relaxation curves for the 
specific material to be used is recommended. 

Although creep starts from erection of the first 
segment onwards, without the use of a computer 
it is not practical to calculate total creep deforma- 
tion as the sum of the effects of each successive 
step. A reasonable approximation is,obtained when 
the completed cantilever is considered tó creep 
during a time interval which starts when the can- 
tilever is halfway complete and ends when a con- 
nection with the completed structure is made, 
This time interval is different for each canti- 
lever arm as illustrated by Fig. 3.57. 

Creep deformations are obtained by multiplica- 
tion of the elastic deformations by a creep factor. 
The creep factor used here is 


Prot = Dda Pato -u) + De [Bre Bre for part a 


Prato = $a, Bateg—to) * Ot. [Brig Brig for part b 
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Fig. 3.56 (a) — Relaxation loss curves for stress-r¢ lieved strand 
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Fig. 3.56 (b) — Relaxation loss curves for 150 K 1% in. diameter bars (1030 MPa — 32 mmd) 
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Fig. 3.57 — Effect of construction sequence on creep time 
interval as a free cantilever 


The sequence of erection and the time schedule 
must be known or assumed prior to the start of 
the deformation calculations. 


3.6.2.2 Intermediate Phases B,B’ 
Deformations in this phase are those from: 


1. The weight of cast-in-place splices. 

2. Continuity prestress in the span considered. 

3.Continuity prestress in the adjacent spans. 

A. Creep deformation resulting from 2 and 3 
a ove. 


time scale “t 


The required calculation: are simplifiec if car- 
ried out for a simply supported span. Th? effect 
of fixity may be treated separately and may then 
be added to the simple span calculations. Fig. 
4.58 illustrates this procedure. Span BC is assumed 
to be part of a structure with a number of equal 
spans. After application of continuity prestress, 
this span is "loaded" with the concentrated load V, 
the weight of the midspan splice, and the moment- 
area of the continuity prestress. 

Both these loads cause secondary moments, 
Fig. 3.58 (b), which affect the deformations of 
span BC and all preceding spans. The total elastic 
deformation is obtained by summation of the thrae 
bending moment diagrams shown in Fig. 3.58 (c) 
of the simply supported span BC. Creep deforma- 
tions are found by multiplying the elastic values by 
a creep factor. The creep influence is limited to 
that part of the creep taking place in the period 
between closing of the splices in spans BC and CD 
respectively. The remainder of the creep deforma- 
tion is assumed to occur in the final continuous 
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Fig. 3.58 — Superstruciure deformations in phase B 


systern. With reference to Fig. 3.57, the creep fac- 
tor to be used is: 


Pira Bas Pp ui FO [9a — 8102] 


The total defórmation is shown in Fig. 3.58 (d) 
indicating a rotation over piér C, bringing down the 
forward cantilever arm. Also, this rotation in- 
creases by creep while the structure is in phase B. 
Addition of a new span, Fig, 3.58 (e), again causes 
secondary moments which will affect span BC as 
well, Fig. 3.58 (f), and so will the connection of 
each successive span. For this reason, it is easier 
to calculate the deformation due to secondary 
moments after summation of all contributing 
moment diagrams. The rotation of each forward 
arm, however, must be determined just before 
closure of the next span. 


3.6.2.3 Phase C — Final Continuous System 
Deformations in this phase consist of: 


1. Elastic and creep deformation by superim- 
posed dead load. 
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2. Elastic and creep deformation by prestress 
losses. 

3. Creep deformations by self weight, cantilever 
prestress and continuity prestress. 


Determination of the elastic deformation by 
superimposed dead load (weight of topping, curbs, 
railings, etc.) needs no further comment. The 
creep deformation is obtained by multiplic ition 
of the elastic value by Øra ..,,, with t, being the 
time of application of the dead load. 

For the amount of deformation by pre tress 
losses, a simplification is made. The cotal arr ount 
of the losses caused by creep, shrir kage and re- 
laxation is reduced by the part of tie relax ition 
loss deducted in phase A. All other losses are con- 
sidered to take place in the final system. This 
negative prestressing force F again auses elastic 
and creep deformation and is written. therefo.e, in 
a simplified form as: 


F = 4IF,—Fd $c ny) 
whereF; = initial prestressing force 


P; = final prestressing force 
LA time of completion of struct ire 


The determination of the creep deforma ions 
by self weight and prestressing in the comp eted 
structure is based on the solution presented in 
Section 3.3. Evaluation of the creep deformations 
in this phase can be restricted to those occurring 
in the final system. The creep effects of the inter- 
mediate phases B,B' are then neglected; the 
error is small, since the most important contri- 
bution, the creep of the forward cantilever arm, 
has been taken into account. After a few spans 
have been completed, the statical system during 
construction closely resembles the final com- 
pleted structure. 


3.6.3 Alignment 


The need for correction of deformations should 
be investigated for all precast segmenta! bridges. 
The use of match-cast joints makes alignment cor- 
rections during construction awkward and un- 
desirable. In the casting yard, corrections are al- 
ways minor and are easily accommodated by the 
casting equipment. Adjustments of alignment can 
be made during construction by use of stainless 
steel shims in the joints. The following procedure 
of alignment correction for a bridge with several 
equal spans illustrates the principles. Corrections 
consist of those resulting from defcrmation, ro- 
tations, and superimposed curvatures. 


3.6.3.1 Correction of Deformations 


The correction curve of each cantilever arm 
equals the deformation curve but with opposite 
sign. Typical deflection curves are shown in Fig. 
3.59. The theoretical curve is approached by 
straight lines one or more segments long. The 
difference between a curve and approximating 
straight lines obtained in this way is not visible 
provided the angular changes are kept below 0.001 
radians as shown. 

As indicated in Section 3.6.2.2, the deforma- 
tion of the forward cantilever arm will be differ- 
ent from the backward arm, because of different 
creep behavior and the rotation caused by con- 
tinuity prastress. Although it is possible to make 
additional corrections during casting for forward 
and backward cantilever arms, it proves simpler 
to make such corrections by counter rotations. 
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Fig. 3.59 — Typical deflection curves 


3.6.3.2 Correction of Rotation 


Due to continuity prestressing in the end span, 
the forward cantilever arm rotates over an angle a 
as shown in Fig. 3.60. A similar rotation B occurs 
in the subsequent spans. Starting erection of the 
first cantilever with a counter rotation of o — ‘46 
would bring the forward cantilever arm to a slope 
of 1.8 after stressing of the end span contiruity 
tendons. The subsequent span then automatically 
starts with a counter curve of %28 as well, and this 
situation repeats itself until completion of the 
structure as shown in Fig. 3.61. 2 

The continuity prestress obviously affects not 
only the forward cantilever arm but also the re- 
mainder of the completed part of the structure. 
However, the resulting up and downward curves 
from this source are usually part of the deforrna- 
tion corrections made in the form. This also ap- 
plies to the angle changes occurring at the splices. 


3.6.3.3 Correction of Superimposed Curvature 


The desired alignment of most bridges differs 
from a straight line. Provided the casting forms 


Fig. 3.60 — Cantilever rotations due to continuitv post- 
tensioning 
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Fig. 3.61 — Correclion for rotations due to continuity 
post-tensioning 


Fig. 3.62 — Correction for roadway curvature 


used are sufficiently adaptable, any shape of 
bridge, including vertical curves, horizontal curves, 
superelevation, etc., can be-achieved by superim- 
posing the difference between the desired curva- 
ture and the straight axis (the shaded area of Fig. 
3.62) on the corrections previously described. 


3.6.3.4 Example Alignment Calculations 


Part of a bridge is shown in Fig. 3.63. The de- 
flection X of span LM is the value calculated for 
the sum of elastic and creep deformation: caused 
by the continuity prestress of all adjacent spans. 
The camber Y of span MO and the rotation of 
the forward cantilever arm OP are those calculated 
for elastic and creep deformations caused by 
continuity prestress of span MO only. It is clear 
that corrections for span MO will be based on a 
reduced camber Y — X. After erection, the de- 
flected shape of the cantilever arms NOP (support 
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Fig. 3.63 — Example alignment calculations 


Fig. 3.6. — Deflected shape of cantilever after erection 
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Fig. 3.65 — Correction of deflected cantilever geometry to 
obtain a straight axis 


= 0) will be as indicated in Fig. 3.64. The correc- 
tion to obtain a straight axis, shown shaded in Fig, 
3.65, is arrived at by: 
1, Drawing the deformation line a due to contin- 
uity prestres: in all spans (Y—X in Fig. 3.63). 
2. Reducing cu-ve a by the free cantilever de- 
flection, resu.ting in curve b. 
3. Rotation of tne axis by an angle v26. 


Verification of this result is illustrated in Fig. 3.66: 


1. The correction is introduced with opposite 
sigh in curve d. 

2. The free cantilever deflection is superimposed 
in curve e. 

3. The rotation of %8 is added in curve f. In this 
situation the midspan splice is cast. 

4, Continuity prestress is added resulting in 
curve g. 

5. Deflection by continuity prestress of all ad- 
jacent spans results in the final geometry h. 


68 


Fig. 3.66 — Summation of geometry corrections 


The discontinuity at O does not exist since MO 
is the final bridge axis after step 5, whereas OP 
shows the situation after step 4 only. 


3.6.3.5 Notes on Alignment Calculations 


1.With the procedure illustrated in Figs. 3.63 
through 3.66, only the deformations during con- 
struction are covered. After completion, addi- 
tional deformations will occur. These can be 
treated, if found to be of considerable magni- 
tude, similar to corrections of superimposed 
curvature as described in Section 3.6.3.3. 


2. The corrections described are based on deforma- 
tion calculations. lt is essential to check the re- 
sults of such calculations by field measurements. 
Such comparative measurements should always 
take place in the morning at the same hour in 
order to minimize the considerable effect of 
movements due to temperature variations. 


3.7 Computer Programs 


3.7.1 


In some cases, hand calculations may be suffi- 
ciently accurate for the final design of a precast 
segmental bridge. However, for more complex 
superstructures, the use of a computer program to 
assist in the analysis becomes most helpful. Fur- 
ther, the calculation of deflections becomes 
very cumbersome by hand unless substantial ap- 
proximations are introduced, and a computer pro- 
gram is an invaluable aid in providing a more pre- 
cise estimate of time-related deflections. The 
sources listed below have programs developed or 
adapted specifically for use in design of precast 
segmental bridges. Additional programs undoubt- 
edly exist that could be used more or less directly 
to analyze precast segmental bridges. 


General 
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Sources of Computer Programs 


Detailed information on computer 
services may be obtained from the following: 


Dyckerhoff & Widmann, Inc. 
529 Fifth Avenue 

New York, New York 10017 
(212) 953-0700 


Engineering Computer Corporation 
P.O. Box 22526 

Sacramento, California 95831 
(816) 922-9316 


Europe Etudes BC Program 
The Prescon Corporation 
2426 Cee Gee 

San Antonio, Texas 78217 
(512) 828-6264 


Center for Highway Research 

The University of Texas at Austin 
Austin, Texas 72717 

Segmental Technology and Services 
P.O. Box 50825 

Indianapolis, Indiana 46520 

(317) 849-9686 


University of California at Berkeley 
Department of Civil Engineering 
Berkeley, California 94720 


program 
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CHAPTER 4 


FABRICATION, TRANSPORTATION 
AND ERECTION OF PRECAST SEGMENTS 


4.1 Fabrication of Precast Segments!** 


4.1.1 


During design of a segmental structure, consider- 
ation should be given to the formwork necessary 
to achieve economy and to obtain efficiency in 
production. It is generally preferable to use as few 
units as possible, consistent with economic ship- 
ping and erection. 

In the case of girder segments, economy and 
speed of production may be increased by: 


General Considerations 


1. Keeping the length of the segments equal and 
keeping them straight, even for curved struc- 
tures, 

2. Proportioning the segments or parts of them, 
such as keys and web stiffeners, in such a way 
that easy stripping of the forms is possible, 

3. Maintaining a constant web thickness in the 
longitudinal direction. 

4. Maintaining a constant thickness of the top 
flange in the longitudinal direction. 

5. Keeping the dimensions of the connection 
between webs and the top flange constant. 

6. Bevelling corners to facilitate casting. 

7. Avoiding interruptions of the surfaces of webs 
and flanges caused by protruding parts for 
anchorages, inserts, etc. 

8. Using a repetitive pattern, if practical, for 
tendon and anchorage locations. 

9. Minimizing the number of diaphragms and 
stiffeners. 

10. Avoiding dowels which have to pass through 
the forms. 

11. Minimizing the number of blockouts. 


Variation of the cross section of girder segments is 
generally limited to changing the depth and width 
of the webs and the thickness of the bottom 
flange. Curves in the vertical and horizontal direc- 
tion and twisting of the structure are easily ac- 
commodated, 

Segmenta! construction is distinguished by the 
type of joint between elements. The following 
types have been used: 


1. Wide (broad) joints (this type of joint is not 
considered in the design procedures presented 
in this manual). 

2. Match-cas: joints. 


The precision of line of segments assembled 
with wide joints depends main!y on the accuracy 
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of the casting of the joints during erection and less 
on the eccuracy of the segments. Curvature and 
twisting of the structure may be obtained within 
the joint. 

The principle of the match-cast joint is that the 
connecting surfaces fit each other very accurately, 
so that only a thin layer of filling material is 
needed in the joint. Each segment is cast against 
its neighbor. The sharpness of line of the assembled 
construction depends mainly on the accuracy of 
the manufacture of the segments. 


4.1.2 Methods of Casting 


Segments to be erected with wide joints may be 
cast separately. Match-cast joint members are cast 
by the "long-line'' or *'short-lino** method. 


4,1.2.1 The Long-Line Method 


. Principle—All of the segments are cast, in their 
correct relative position, on a long line. One or 
more formwork units move along this line. The 
formwork units are guided by a pre-adjusted soffit. 
An example of this method i5 shown in Figs. 4.1 
through 4.3 

Advantages—A long line is easy to set up and to 
maintain control over the »roduction of the 
segments. After stripping th» forms it is not 
necessary to take away the sec ments immediately. 

Disadvantages—Substantial space may be re- 
quired for the long line. The minimum length is 
normally slightly more than h:lf the length of the 
longest span of the structure. |t must be con- 
structed on a firm foundation which will not 
settle or deflect under the weijht of the segments. 
In case the structure is curved, the long line must 
be designed to accomodate the, curvature. Because 
the forms are mobile, equipment for casting, 
curing, etc., has to move from place to place. 


4.1.2.2 The Short-Line Method 


Principle—The segments are cast at the same 
place in stationary forms and against a neighboring 
element. After casting, the neighboring element is 
taken away and the last element is shifted to the 
place of the neighboring element, clearing the 
space to cast the next element. A horizontal cast- 
ing operation is illustrated in Figs. 4.4 through 4.6. 
Segments intended to be used horizontally may 
also be cast vertically. A photograph of a short- 
line form is presented in Fig. 4.7. 

Advantages—The space needed for the short- 


Fig. 4.1 — Cross section of formwork using long-line method! !^? 


Outside Formwork 


... 


Inside Formwork 


PLAN 


Fig. 4.2 — Start of casting (long-line method) 1) 


ELEVATION 


PLAN 


Fig. 4.3 — After casting several segments (long-line rnethod)! 14) 


“Fy 


AFTER STRIPPING — DURING CASTING 


TURNBUCKLES 


Fig. 4.4 — Formwork for short-line method ^ 


Inside Formwork ^ Buikhead adi 


Soffit 


Carriage 


Fig. 4,5 — Just before separation of segments (short-line method)! 14) 


y 414) 


Fig. 4.6 — Just before casting next segrnent (short-line method 
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Fig. 4.7 — Short-line form usi for Paris Belt Bi dges!7? 


line method is smell in comparison to the long- 
line method, appro:.imately three times :he length 
of a segment. The entire process is centralized. 
Horizontal and vertical curves and twisting of 
the structure are obtained by adjustin the po- 
sition of the neighboring segment. 


Disadvantages—To obtain the desired structural 
configuration, the neighboring segments must be 
accurately positioned, 


4.1.3 


Formwork must be designed to safely support 
all loads that might be applied without undesired 
deformations or settlements. Soil stabilizatiori of 
the foundation may be required, or the formwork 
may be designed so that adjustments can be made 
to compensate for settlement. 

Since production of segments is based oa reusing 
the forms as much as possible, the formwork must 
be sturdy and special attention must be given to 
construction details. Forms must also be easy to 
handle. Paste leakage through formwork joints 
must be prevented. This can normally be achieved 
by using a flexible sealing material. Special atten- 
lion must be given to the junction oí tendon 
sheathing with the forms. The forms may need to 


Formwork 
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be flexible in order to accommodate slight dif- 
ferences of dimensions with the previously cast 
segment, They must be designed in such a way 
that the necessary adjustments for the desired 
camber, curvature and twisting can be achieved 
accurately and easily. 

Special consideration must be given to those 
parts of the forms that have to change in dimen- 
sions, To facilitate alignment or adjustment, spec- 
ial equipment such as wedges, Screws, or hydraulic 
jacks should be provided. Anchorages of the 
tendons and inserts must be designed in such a 
way that their position is rigid during casting. 
Fittings rnust not interfere with stripping of the 
forms. If accelerated steam curing using tempera- 
ture in excess of approximately 160° F (719 C) is 
foreseen, the influences of the deformations of the 
forms, caused by heating and cooling, must be 
considered in order to avoid development of cracks 
in the concrete. External vibrators must be 
attached at locations that will achieve maximum 
consolidation and permit easy exchange during 
the casting operations. Internal vibration may 
also be required, 

Holes for prestressing tendons may be formed by: 
1. Rubber hoses which are pulled out after harden- 

ing of the concrete. 

2. Sheathing which remains after hardening of the 
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concrete. Flexible sheathing made out of spirally 
wound metal is usually stiffened from the inside 
by means of dummy cables, rubber or plastic 
hoses, etc., during the casting operation. 

3. Rigid sheathing with smooth or corrugated walls 
may be used that will not deform significantly 
under the pressure of wet vibrated concrete and 
for which there is no danger of perforation. 

4. Movable mandrels. 


Holes must be accurately positioned, particu- 
larly when a large number of holes is required. 
Horizontal and vertical tolerance for tendon 
holes within the segment should not exceed £75 
in. (13 mm) from the theoretical location. Ten- 
don ducts shall be match-cast in alignment at 
segment faces. 

Formwork that produces typical box girder 
segments within the following tolerances is con- 
sidered good workmanship. 


Width of web... iss n +3/8 in. (10 mm) 
Depth of bottom slab. . . +% to Oin. (13mm to O) 
Depth of top slab ..........- +1/4 in. (6 mm) 
Overall depth of seqment...... £1/4 in. (6 mm) 
Overall width of segment. ..... 11/4 in. (6 mm) 
Length of match-cast segment. . +1/4 in. (6 mm) 
Diaphragm dimensions ...... £1/2 in. (13 mm) 


Grade of roadway and soffit... .£1/8 in (3 mm) 

Depending upon the detail at bridge piers, the 
tolerances for the soffit of a pier segment may need 
to be limited to £1/16 in. (1.6 mm). The tolerance 
of a segment should be determined immediately 
after removing the forms. If specitied tolerances 
are exceeded, acceptance or rejection should be 
based on the effect of the over-tolerance on final 
alignment and on whether the effect can be cor- 
rected in later segments. In match-cast construc- 
tion, a perfect fit is established between segments. 
Limits for smoothness and out-of-squareness of 
the joint should be established. 


4.1.4 


Uniform quality of concrete is essential for seg- 
mental construction. Procedures for obtaining 
high quality concrete are covered in PCI and PCA 
publications.051® Both normal weight and 
structural lightweight concrete can be made con- 
sistent and uniform with proper mix proportioning 
and production controls. Ideal concrete for seg- 
menta! construction will have as near as practical 
zero slump and 28-day strength greater than the 
strength specified by structural design. It is rec- 
ommended that statistical methods be used to eval- 
uate concrete mixes. 


The methods and procedures used to obtain the 
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characteristics of concrete required by the design 
may vary somewhat depending on whether the 
segments are cast in the field or in a plant. The 
results will be affected by curing temperatiire 
and type of curing. Liquid or steam curing or 
electric heat curing may be used. 

A sufficient number of trial mixes must be made 
to assure uniformity of strength and modulus of 
elasticity at all significant load stages. Careful 
selection of aggregates, cement, admixtures and 
water will improve strength and modulus of elas- 
ticity and will also reduce shrinkage and creep. 
Soft aggregates and poor sands must be avoided. 
Creep and shrinkage data for the aggregates and/or 
concrete mixes should be available or should be 
determined by tests. 

Corrosive admixtures such as calcium chloride 
may not be used. Water-reducing admixtures and 
also air-entraining admixtures which improve 
concrete resistance to environmental effects such 
as deicing salts and freeze and thaw actions are 
highly desirable. However, their use must be 
rigidly controlled in order not to increase unrlesir- 
able variations in strength and modulus of elastic- 
ity of concrete, The cement, firie aggregate, coarse 
aggregate, water and admixture should be com- 
bined to produce a hornogeneous concrete mix- 
ture of a quality that will conform to the mini- 
mum field test and structural design requirements. 
Care is necessary in proportioning concrete mixes 
to ensure that they meet specified criteria. Reliable 
data on the potential of the mix in terms of 
strength gain and creep «nd shrinkage performance 
should be developed for the basis of improved 
design parameters. Proper vibration should be used 
to afford use of lowest slump concrete and to 
allow for the optimum consolidation of the con: 
crete. 


e 


4.1.5 


Requirements concerning surface quality must 
be stricter for match-cast joints than for wide 
joints filled with mortar or concrate. Surfaces 
should be oriented perpendicular to the main 
post-tensioning tendons to minimize shearing 
forces and dislocation in the plane of the joint 
during post-tensioning. Inclination with respect 
to a plane perpendicular to the longitudinal axis is 
permitted for joints with assured friction resis- 
tance. The inclination should generally not exceed 
20 degrees. Larger inclination, but not more than 
approximately 30 degrees may be permitted if the 
inclined surface area is located close to the neu tral 
axis and does not exceed 25 percent of the total 


Joint Surfaces 


joirit's surface area. 

For match-cast joints, the surface, including 
formed keys, should be even and smooth, to avoid 
point contact and surface crushing or chipping 
off of edges duriiig post-tensioning.. Holes or 
sheathing for tendons must be located very pre- 
cisely when producing segments joined by post- 
tensioning. Care is i »quired to prevent leakage or 
penetration of joint-filling material: into the 
duct, blocking passage of the tendons. 


4.1.6 


Bearing areas at r.:actions should be even, with- 
out ridges, grooves, honeycomb, etc., to assure 
uniform distributior. of bearing forces. It may be 
desirable to place tearing elements like pads or 
steel plates in the forms before casting. Other- 
wise, cement mortar or epoxy may be required 
on contact surfaces. 


Bearing Areas 


4.2 Handling and Transportation of Precast 
Segments"! ^' 


Segments should be handled carefully in a 
manner that limits «tressez to values compatible 
with the strength and age o: the concrete. |t should 
be verified that the segme1t weights are less than 
the capacity of the li ting equipment. Highway and 
site transportation n ay produce dynamic stresses 
which may be considered by use of an impact 
coefficient. Special care of cantilever projections is 
often needed to prevent cracking. Location of lift- 
ing hooks and inserts shouid be determined care- 
fully to avoid exci sive stresses in the segment 
during handling, an! they should have a safety 
factor of 1,75 to 2,00 whon all loads and : tresses 
have been considered, Storage of units at the site 
should be arranged to minimize damage, Jeflec- 
tion, twist, and disc loration of the units. Stock- 
piling should be limited to avoid excessive direct 
or eccentric forces. Special precautions may be 
required to avoid settlement of foundations made 
to support the stored segments. Inserts, anchorages 
and other imbedded items may need to be pro- 
tected from corrosion and from penetration of 
water or snow during cold weather. In cases where 
extensive transportation of segments is required, 
it is recommended that a segment should not be 
erected before it is certain that the subsequent 
segment has been safely transported. 
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4.3 Methods of Erection 2% 


4.3.1 


Mobile cranes moving on land or floating on 
barges are commonly used where access is available 
as illustrated in Fig. 4.8. Occasionally, a portal 
crane straddling the deck has been used with 
tracks installed on temporary trestles on either 
side of the bridge. The capacities of cranes readily 
available in the United States and Canada makes 
this method of erection more attractive than it is 
in Europe. 


Cranes 


4.3.2 


In this method, illustrated in Fig. 4.9, a lifting 
device attached to an already completed part of 
the deck raises the segments which have been 
brought to the bridge site by land carrier or barge. 
The segments are lifted into place by winches 
carried at deck level on a short cantilever mechan- 
ism anchored on the bridge. In the first applica- 
tions of this type of erection in Europe, the seg- 
ment over the pier had to be placed independently 
(either castin-place or handled by a separate 
mobile crane). Recently, this drawback has been 
overcome, Now the precast pier segment may be 
placed on the pier with tae same basic equipment 
cantilevered temporarily from a tower attached 
to the pier. 


Winch and Beam 


4.3.3 


In this method, a special machine travels along 
the completed spans and maintains the work flow 
at the deck level, The crane gantry, which was 
first used for the Oleron Viaduct, has contributed 
significantly to the development of precast seg- 
mental corstruction, The principla behind sag 
mental erection using the crane gantry system is 
shown in Fig. 4.10. An essential component in 
the system is a truss girder which has a length some- 
what greater than the maximum bridge spar. The 
system consists essentially of: 


Launching Gantry 


1. A main truss where the bottom chords act as 
rolling tracks, 

2, Three-leg frames which may or may not be fixed 
to the main truss. The rear aid center frames 
allow the segments to pass through them longi- 
tudinally. 

3. A trolley which can travel along the girder and 
is capable of longitudinal, transverse, and 


vertical movement as well as horizontal rotations. * 
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Fig. 4.9 - Winch and bearn erection, St. Andre de Cubzac 
(7) 
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Fig 4.10 — Operational stages of a launching gantry (first 
type)!” 


To complete a full construction cycle for a typical 
sp: n, the gantry assumes three successive positions: 


1. *or placing typical segments in cantilever, the 
center leg rests directly over a pier while the 
rear leg is seated :owards the end of the pre- 
viously completed deck cantilever [Fig. 4.10 
(a)]. 

2. For placing the segment over the adjacent pier, 
ihe girder is moved along the completed deck 
until the center leg reaches the end of the can- 
tilever. The front leg rests on a temporary cor- 
bel fixed to the pier while the pier segment is 
placed and adjusted into position [Fig. 4.10 (b)]. 
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3. Firally, the segment placing trolley i; used as a 
launching cradle with the help of an auxiliary 
tower bearing on the newly placed pier seg- 
ment. The gantry is then transferred to its initial 
position one span further thus allowing the seg- 
ment placing cycle to repeat itself [Fig. 4.10 
(c)]. 

For structures combining vertical and horizon- 
tal curvatures, including variable superelevation, 
the launching gantry can be designed to follow 
the geometry of the bridge while maintaining 
operational stability and segment placing capa- 
bility. In the last few years, several irnportant 
technical improvements have been made in gantry 
design. These advancements are exemplified 
starting at the Chillon Viaduct in Switzerland, 
and later at the Saint-Cloud Bridge where 143- 
ton (130 t) segments were easily placed in a 337 
ft. (102 m) span with a 1090 ft. (332 m) radius 
of curvature (see Figs. 3.4 and 4.11). It should be 
noted that, on certain structures, a somewhat 
different approach is used in designing the launch- 
ing gantry system (see Fig. 4.12). The total length 
of the truss girder is now slightly greater than 
twice the maximum span length. In this system, 
all three gantry supports rest directly over a pier. 
Although the investment cost is higher in this 
system than in the original concept, this type of 
gantry has several advantages: 


1. The completed deck carries no gantry reactions. 
2. Stability against unsymmetrical loading due to 
unbalanced cantilever erection may be pro- 
vided by the gantry. 
3. The pier segment may be placed and adjusted 
- during the normal placing cycle for the preced- 
ing cantilever spans. 
4, Construction time may be further reduced if 
two placing trolieys are used. 


In this advanced system, segments may be 
moved in place over the completed bridge or 
beneath the bridge. This procedure was used on the 
large Rio-Niteroi Bridge where all segments were 
floated on pontoons and lifted into place by four 
540 ft. (164 m) long launching gantries weighing 
400 tons (363 t) each (see Fig. 4.13). A similar 
approach was also used for the B3 South Via- 
ducts near Paris. 


4.3.4 


The latest development of precast segmental 
construction embodies the concept of progressive 
placing. This approach actually comes directly 
from cantilever design. Here, segments are placed 


Progressive Placing 


at each pier. 
When the deck reaches one pier, permanent 


bearings are installed and construction proceeds 
to the next span. Some noteworthy advantages 


of the method are: 


1. The operations are continuous and are per 
formed at the deck level. 

2. The method seems to be of interest primerily in 
the 100 to 160 ft. (30 to 50 m) span range 
vhere conventional cantiléver construction is 
not always economical. 

3. During construction, the piers are not subjected 
to significant unbalanced moments although 
the vertical reaction is substantially increased. 


One disadvantage of the method is that con- 
struction of the first span must be carried out with 
a special system. 

it should also be noted that the stresses in the 
Fig, 412 — Operational stages of a launching gantry deck are completely reversed during construction 

and after completion. Consequently, special sta- 


(second type) 
bilization devices must be used temporarily Lo 
keep the concrete stresses within safe limits and 
contint ously from one end of the deck to the to minimize the amount of temporary prestress. 


other in successive cantilevers on the same side of A tower and guy cable system has been user effec- 


the various piers rather than in balanced cantilever 


79 


a NENA c 


tively to control the undesirable temporary ctresses. 


z 
š 
E 
| 
E 


———— 


we 


Figs. -+.14 and 4.15 show schematically tne princi- 
ple of progressive segment placing together with 
some of the construction details, 


Fig. 4.14 — Construction sequence (elevation) using pro- 
gressive segment placing”? 
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Fig. 4.13 — Launching gantry for Rio-Niteroi Bridge, Brazil”? 
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Fig. 4.15 — Construction sequence (isometric view) using 
progressive segment placing 2) 


435 Erection Tolerances!'** 


Maximum differential between outside faces of 
adjacent units in the erected position should not 
exceed 1/4 in. (6 mm). The most important item 
of tolerance or acceptance is the final geometry of 
the erected superstructure. The evaluation of the 
deck surface of each segment used in the cantilever 
portions of the bridge superstructure, measured 
after closure sections are in place, must not vary 
from the theoretica! profile grade elevation by 
more than that specified for the project. The 
gradient of the deck surface of each segment 
should not vary from the theoretical profile grad- 
ient by more than 0.3 percent. More liberal tol- 
erances may be acceptable if the design incorpo- 
rates a wearing surface. 


4.3.6 


Design of Piers and Stability During 
Construction? 


4.3.6.1 Single Slender Piers 


If the piers in the finished structure are designed 
solely to transfer the deck loads to the foundations 
(including horizontal loads), there is the likelihood 
that the piers will be unable to resist the unsym- 
metrical moments due to the cantilever construc- 
tion (i.e., with one segment plus the equipment 
load). Thus, temporary shoring is often required 
(see Figs. 4.16 and 4.17) at considerable cost. 
More recently, the stability of the cantilever under 
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Fig. 4.16 — Stability during construction!?? 
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constructio: has been provided >y the equipment 
used for placing the segments. 

With double piers, two paral el walls make up 
the pier structure, which usuall'* rests on a single 
foundation. Such a configuratio + was successfull’ / 
used for a number of European bridges, including 
the Chillon Viaduct illustrated ir Fig. 4.18. Stabi!- 
ity during construction is exce lent and requires 
little temporary equipment, «except for some? 
bracing between the slender walls to prevent “la: - 
tic instability. 


4.3.6.2 Moment Resisting Piers 


Moment resisting piers are designed to with- 
stand the unbalanced moments during construc- 
tion while temporary vertical prestress rods make a 
rigid connection between the deck and the pier 
cap. The Co-pus Christi Bridge shown in Fig. 4,10 
utilized moment resisting piers. 

When the ratio between span lengths and pier 
height allo'vs it, the rigid connection and the 
corresponding frarne action may be maintained 
permanently between the deck and piers. This 
frame action is also achieved by use of twin neo 
prene bearings which allow for deck expansion. 


, Corpus Christi Bridge, Texas 


isting piers 


Fig, 4.19 — Moment res 
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Fig. 4.20 — Piers with twin neoprene bearings during con- 
struction? 


Flat jacks are usually placed between the pier top 
and the deck soffits to permit the removal of 
temporary bearings and installation of the per- 
manent ones. 


NEOPRENE BEARINGS 
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Fig. 4.21 — Twin neoprene bearings in final structure!?!? 


This type of pier detail is shown in Fig. 4.20 
where the elastomeric bearings are indicated as 
(1), the vertical erection post-tensioning between 
pier and super-structure is shown as (2), and the 
temporary concrete bearing pads are shown as (3). 
After completion of erection and continuity post- 
tensioning, the vertical post- ensioning at the pier 
and the temporary concrete bearing pads are re- 
moved, leaving the neoprene bearings in place as 
shown in Fig. 4.21. ` 


CHAPTER 5 


DESIGN EXAMPLE, 
NORTH VERNON BRIDGE, INDIANA 


5.1 


The North Vernon Bridge over the Muscatatuck 
River in Indiana was built parallel to an existing 
reinforced concrete arch bridge with the purpose 
of doubling the capacity of the existing roadway. 
The spans were therefore fixed to meet those of 
the arch, as indicated in Fig. 5.1. Cost estimates 
for widening the bridge with another arch proved 
too expensive and led to consideration of both 
steel and concrete alternatives. The presence of a 
precast concrete plant in the vicinity of the bridge 
site, and the feasibility of segment erection by 
mobile crane made it possible that even this small 
structure with a total deck area of only 8855 sq. 
ft. (823 m?) could be built competitively using 
precast segmental construction, 


General 


5,2 Structure Dimensions 


The total bridge length of 381 ft. (116.04 m) 
is made up of 2 end cross girders of 5 ft. 3 in. (1.6 
m), 44 segments of 8 ft. 0 in, (2.44 m) length, 2 
pier segments of 9 ft. O in. (2.74 m) length, and a 
cast-in-place splice of 5 ft. 3 in. (1.6 m). The span 
and segment dimensions are shown in Fig. 5.2. 
In consideration of the length of the main span, 
the depth of the box girder was selected as 9 ft. 
O in. (2.745 m). The resulting span/depth ratio of 
21.1 is well within the economical limits. The box 
girder dimensions and section properties are pre- 
sented in Fig. 5.3. These dimensions are constant 
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Fig. 5.2 — Segment dimensions and joint numbers 
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SPAN SUPPORT 


JOINT NUN BERS 


a-AREA A (M?) 4.337 ; 4514 
b=DISTANCE CG TO TOP C, tm) 1.086 | 1.192 
c-MOMENT OF INERTIA | ^ (nad) 4.423 | 4.750 
d-MOMEN'" OF RESIST Zi (M3) 4.1482 | 4.2328 
Zu (M3) 2.6378 | 2.9306 
e-KERNEL BEAM Ki (M) 0.608 | 0.705 
Ka (M) 0856 | 0938 
F-THICKNF 58 BOTTOM D tÑ) 0.252 0,302 


Fig. 5.3 — Cross section dimensions and segm :nt properties 


for all segments except for the two <:gments lo- 
cated cn either side of the two pier segments. In 
these segments, the bottom slab th ckness was 
increased from 8 in. (0.20 m) to 13 in, (0.33 m) 
in order to reduce the compressive stress in the 
bottom fibers resulting from the nega ive support 
moments. 


22 23 24 25 26 |27 
9 x2,44 - |.8 


29.01 I 
1 m= 3.28 ft. 


5.3 Order of Erection 


The erection sequence for the structure is in 
three steps as indicated in Fig. 5.4. 


Step 1: The segmental cantilevers are erected 
from each pier. 

Step 2: The precast end cross girders are 
erected. 

Step 3: The raidspan splice is cast-in-place. 


— li. STEP 1 


== 


Fig. 5.4 — Erection se: uence 


Fig. 5.7 — Center span continuity tendons: 


Top slab 


Bottom slab (Group 3a) 
(Group 3b) 


5.4 Post-Tensioning Details 


Except as noted below, the post-tensioning is 
carried out by tendons consisting of twelve % in. 
diameter 270 k strands (13 mm ¿, 1862 MPa) 
with an ult mate force of 495 kips (2202 kN). 
All tendons are stressed initially to 70 percent of 
their ultimate force. The effective force level in 
the example design calculations at time of pre- 
stressing is reduced to allow for anchor seating and 
friction losses. The final tendon forces after losses 
are 60 percent of ultimate or lower. 


The post-tensioning tendons are arranged in 
groups as follows: 


Group 1: Cantilever post-tensioning consists of 

26 tendons, 13 in each we» (See Fig. 

5.5). 

Group 2: Tail span continuity pos -tensioning 
consists of 2 tendons, one in each web 
(See Fig. 5.6). i 

Group 3a: Center span continuity post-tensioning 
consists of 8 tendons, 4 in each web, 
located in the bottom siab at midspan 
and anchored in the top slab (See Fig. 
5.7). 
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Fig. 5.9 — Loading for erection moment stability 


Group 3b: Center span continuity post-tensioning 

i consists of four 6-strand tendons lo- 
cated in the top slab. These tendons are 
anchored in the pier segments (See 
Fig. 5.7). 

The precise location of the tendons in the section 

is indicated in Fig. 5.8. 


5.5 Design Requirements and Loading* 


The design is carried out by elastic methods 
to meet the following criteria: 


1. Concrete bending stresses within allowable limits 
for 5500 psi (38 MPa) concrete. 

2.No tension allowed for combinations of all 
loadinas.* 

3. Cracking s+fety under 110 percent of dead load 
and 125 pe cent of live load.* 

4. Ultimate Icad capacity of 175 percent of dead 
load and 275 percent of live load.* 
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5, Final tendon forces ar^ 6U percent of ultime te 
or lower. 


The design is carried out for Ic ading by: 


. Dead load during construct on 

. Initial prestress 

. Superimposed perrnane t lads 

. Live loads 

. Temperature differenti: 

. Creep under box girder dee | load 
. Creep under post-tensic nin | 

. Loss of prestress 


Onroo»nwn— 


5.6 Design Procedure 


The design of the North Vernon Bridge is pre- 
sented in accordance with the following steps: 


Step 1: Free cantilever plus initial cantilever 
Group 1 post-tensioning. Stres: control in 


all phases of erection. 


Step 2: Completion of end span plus initial con- 
tinuity Group 2 post-tensioring. Stress 
control. 

Step 3: Concreting of midspan splice plus initial 


continuity Group 3 post-tensioning. Stress 
control. 


*The design requirements presented here are those s lected for the 
North Vernon Bridge and are generall somewhat vort conserva- 
tive than required by current Americar. Association of State High- 
way Officials’ Bridge Specifications/6), and the PC Tentative De- 
sign and Construction Specification: for Precast Sec mental Bridges 
presented in Appencix Section A.I. 


Step 4: Addition of permanent loads. Stress con- 
trol, 

Step 5: Addition of variable loads. Stress control. 

Step 6: Influence of time. 

Step €a: Dead load moment redistribution due to 
concrete creep. Stress control. 

Step 65: Post-tensioning moment redistribution 
due to concrete creep. Stress control. 

Step 6;: Prestress losses. Stress control. 

St:p 7: Final stress control 

Step & Transverse section analysis. 


Other calculations required to complete the 
design are made by procedures common to con- 
ventional post-tensiona! box girder bridges or con- 
ventional reinforced concrete design and are not 
preser.ed here. These calculations relate to the 
foliow ing: 


1. Zalculation o. end cross girder and pier segment 
reinforcement. 

2. Support force; and bearing requirements. 

3. Rozd joint movements. 

4. Prir cipal shear stresses at service load. 

5. Jit mate moments, safety to failure. 

6. Ultimate shear, safety to failure. 

7. Substructure loading during erection. 

8. Temporary prestressing of segments during 
erection. 

9. Reinforcement of keys. 


In all cases, provision must be made to accom - 
modate additional temporary erection loads on 
the structure, and stress and stability checks must 
be made for the structure under these loadings. 
Such erection loads can be intentional (for exam- 
ple, movement of a launching girde: over the struc- 
ture), or unintentional (storage of post-tensioning 
tendons or a large group of visito s on the struc- 
ture). Consideration of erection :oads has been 
omitied in the presentation of this design exam- 
ple far simplicity. 


NOTE: 


All of the following design example diagrams and 
dimensions are in c.g.s. metric units 


Dimensions = meters (3.28083 ft) 

Forces = metric tonnes (2204.62 Ib) 

Bending moments tonnes x meters (7232.98 ft. Ib.) 
Stress = tonnes/sq. meter (1.422 psi) 


The relationship to SI metric units is: 
Force: 1t=9.8 kN = 2204.62 Ib. 
(1 lb. = 4.448 Newtons) 
Moment: 1 t-m = 9.8 kN-m = 7232.98 ft.-Ib. 
(1 ft.-lb. = 1.356 kN-m) 
1 t/m? = 9.8 kPa = 1.422 Ib./in.? 
(1 lb./in.? = 6.895 kilopascals) 


Stress: 


5.6.1 


Step 1. Free Cantilever Plus Initial Can- 
tilever Group 1 Post-Tensioning 


In Step 1, stresses are calculated for loading due 
to the dead load of the free caniilever box girder 
section and the Group 1 cantilever post-tensioning. 
The post-tensioning is shown in Fig. 5.5 and con- 
sists of 13 tendons in each web. A check is made 
for unbalance during erection. The calculations are 
made as follows: 


1. Celculate the effect on the supporting struc- 
ture caused by unbalance of segment x+n+1 
(See Fig. 5.9) Check stability of the assembly. 
The stability is in this case assured by placing 
two supports on a wide pier. 

2. Calculate concrete stresses ín each joint due 
to dead load of segments x+n+1. 

3. Calculate forces in the tendons present in 
the segments x to x+n, Consider friction 
losses and, if judged necessary, steel relaxa- 
tion. Subsequently calculate concrete stresses 
in each joint due to post-tensioning. 

4. Comply with stress limitations for all values 
of n in each joint, 


At completion of erection of one cantilever, 
the bending moments are as shown in Fig. 5.10 
(only half of the cantilever is shown, the other 
half is identical): 


Box girder dead load bending mo- 
ments (t-m). 

Tendon force diagram for Group 1 
post-tensioning (t). 

Eccentricity of Group 1 tendons, 
(m). | 

Bending moment diagram due to 
Group 1 post-tensioning, diagram 
6 x 7 (t-m). 

Bending moment diagram obtained 
by multiplication of the tendon 
force diagram by the section modu- 
lus (moment of resistance in Fig. 
5.3) and dividing by the section 
area F/A x Z,. This is the top fiber 
moment due to the axial compres- 
sion from post-tensioning (t-m). 


Bending moment diagram obtained 


Diagram 5 
Diagram 6 
Diagram E 


Diagram 8 


Diagram 9 


Ciagram 10 


by multiplication of the tendon ` 
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force diagram by the section modu- 
lus of the bottom fiber and dividing 
by the section area F/A x Z,. This 
is the bottom fiber moment due to 
the axial compression from post- 
tensioning (t-m). 


JOIN: N' 'ABERS 
4 (See Fig. & 7) 
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Fig. 5.10 — Step 1. Free cantilever plus initial cantilever 
group 1 post-tensioning 


Diagram 11 
(Fig. 5.11) 


Disgram 12 


Check top fiber moments (indirect- 
ly checking stresse;). Moment dia- 
gram (a) is obtaine! by adding dia- 
grams 8 and 9 from Fig. 5.10. 
Tnis is the top fiber moment due to 
tle combination of bending and 
a.ial force resulting from  post- 
teasioning. Diagram c + a is diagram 
a recuced by the dead lc ad moment 
diagram (diagram 5 in Fig. 5.10). 
Tie top fiber compressive stress 
c. nol iimits are indicated by the 
f. x Z, diagram. Allowable com- 
p escsive stress at tnis stage is 2150 
tm: . In this case 2150 x 1.422 = 
325; psi or approximately 0.55 x 
5500 = 3025 osi. 

Check bottora fiber mo nents (indi- 
rect! / checking stresse.). Momerit 
diagi im b is obteinec by addirg 
diagr ms 8 and 1C froia Fig. 5.10. 
This s the bottor: filer 10mert 
due 15 tae combin: tior. of vendin | 
and ixizl foice frc m post censior - 
ing. Jiayram c + t is the ;dditio1 
of ciagram 5, box gird r deal 
load moment frorn Fig. 5.10, t» 
diagram b. The bottom fiber com - 

pressive stress control moment dia- 
gran based on f, = 0.55 x 5500 = 
302: psi, or 2150 ./m* is also indi- 
catet. in Fig. 5.11 [2150 x 3.0824 
= 6627 tm (47,93% ft. «ips)]. 
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Fig. 5.11 — Step 1. A top fiber and bottom fiber 


moments 


5.6.2 Step 2. Completion of Tail Span Plus 


Continuity Group 2 Post-Tensioning 


The completion of the tail span is achieved by 
addition of the end span cross girders and installa- 
tion of the Group 2 post-tensioning shown in Fig. 
5.6. This post-tensioning consists of one tendon in 
each web. For analytical purposes, the changes 
with respec: to Step 1 are: 


1. End cross girder is added 

2. End support is added 

3. Contir uity Group 2 post-tensioning is installed 

4. Two supports at piers are replaced by one 
support at the center of the pier 


With refere 1ce to Fig. 5.12, the calculations to 
account fo: the above changes proceed as follows: 


Diagram 1 Determine box girder dead load 
bending moment diagram due to in- 
troduction of end support and end 
cross girder. 

Determine force diagram of Group 
2 post-tensioning tendons and the 
tendon eccentricities. 

Determine the bending moment dia- 
gram due to Group 2 tendons. 
The structure is simply supported 
and the bending moment equals the 
force multiplied by the eccentricity. 
The tendon force diagram multi- 
plied by the top section modulus, 
Z., end divided by the section 
area, A, expresses the axial com- 
pression due to post-tensioning in 
terms of a top fiber moment (t-m). 
The tendon force diagram multi- 
plied by the bottom section mod- 
ulus, Z,, and divided by the section 
area, A, expresses the axial com- 
pression due to post-tensioning in 
terms of a bottom fiber moment 
(tm). ` 

Add diagrams 3 and 4 to obtain 
diagram 6a. This is the combined 
axial (expressed as a moment) 
and bending moment effect of the 
post-tensioning on the top fiber 
(t-m). 


Diagram 2 


Diagram3 


Diagram 4 


Diagram 5 


Diagram 6 
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Add diagrams 3 and 5 to obtain 
6b. This is the combined axial 
(expressed as a moment) and 
bending moment effect «f the post- 
tensioning on the bottom fiber 
(t-m). 
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Fig. 5.12 — Completion of tail span plus continuity group 
2 post-tensioning 
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See diagrams of Fig. 5.13 with numbers corres- 
ponding to those below, and diagrams from previ- 
ous figures as ncted. 


Diagram 7 


Diagram 8 


Diagram 9 


Diagram 10 


Diagram 11 


Add bending moment diagrams due 
to box girder dead load from Steps 
1 and 2 (diagram 5 from Fig. 5.10 
plus diagram 1 from Fig. 5.12) 


Add diagram 11a of Step 1 to 
diagram 6a of Step 2. 


Check top fiber moments com- 
pared to allowable by adding dia- 
gram 7 and the results of calcula- 
tion 8 above. As can be seen, there 
is a large margin between the maxi- 
raum permissible moment of 9176 


¿bm and the moment in the struc- 


ture. 


Add diagram 12b of Step 1 to dia- 
gram 6b of Step 2. 


Check bottom fiber moments com- 
pared to allowable by adding dia- 
gram 7 to the results of calculation 
10 above. Again the structure mo- 
ment is much less than the permis- 
sible value of 6627 t-m. 
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Fig. 5.13 — Step 2 continued. Check top fiber and bottom 
fiber moments 
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5.6.3 


At this stage, the cast-in-place midspan splice is 
completed and continuity  post-ensioning in 
Groups 3a and 3b is placed and stressed. Group 3a 
post-tensioning consists of four tendons in each 
web which are located in the bottom slab at mid- 
span. Group 3b post-tensidning consists of four 6- 
strand top slab tendons. Both Group 3a and Group 
3b post-tensioning are shown in Fig. 3.7. 

Tre calculation procedure illustrated in Fig. 
5.14 for this step is as follows: 


Step 3. Completion of Center Span 


Diagram 1 Calculate the bending moment dia- 
gram due to the additional weight 
of the midspan cast-in-place seg- 
ment. 

The tendon force diagram and 
eccentricities shown in Fig. 5.14 
are for all tendons in Groups 3a 
and 3b. 


Determine bending moment dia- 
grams due to post-tensioning Groups 


Diagram 2 


3a and 3b. The post-tensioning is - 


stressed in the continuous system, 
and the resulting moment diagrams 
are obtained as follows; 

2a. Assume hinges at supports on 
piers, calculate post-tensioning force 
diagram. 

2b. Calculate the bending moments 
due to post-tensioning Groups 3a 
and 3b for the hinged span CE 
(moment = force x eccentricity). 
2c. Calculete angle of rotation at 
C and E by the moment diagram 
obtained in 2b. 

2d. Calculate the secondary moment 
required to rotate the joint closed 
at C and E. 

2e. The addition of diagrams 2b 
end 2d is the bending moment 
diagram resulting from post-ten- 
sioning in the continuous system. 


Diagram 3 Multiply the tendon force diagram 
of post-tensioning Groups 3a and 
3b by Z, and divide by the section 
area, A. This provides an equivalent 
top fiber moment diagram to ac- 
count for the effect of the axial 


force. 


Diagram 4 ` Multiply the tendon force diagram 
of posttensioning Groups 3a and 
3b by Z, and divide by the section 
area, A. This provides an equivalent 


5ottom fiber moment diagram to 
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account for the effect of the axial 
force. 

Add diagrams 2e and 3 to obtain 
diagram 5a which is the total 
effect of the post-tensioning with 
respect to the top fiber, ¡E 
as a moment. 

Adc diagrams 2e and 4 to obtain 
diagram 5b which is the total 
effect of the post-tensioning wilh 
espect to the bottom fiber, ex- 
pressed as a moment. 


Diagram 5 
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Fig. 5.14 — Step 3. Completion of center span 


Top and bottom fiber siresses are checked in 
Fig. 5.15 in terms ot moments as follows: 
Diag am 6 Check top fiber moment by addi- 
tion of diagrams 1 and 5a of Step 
3 tc diagram 9 of Step 2. The mo- 
men:s (and stresses) are satisfac- 
tory in all locations. 


Diagram 7 


Check bottom fiber moment by ad- 
dition of diagrams 1 and 5b of Step 
3 to diagram 11 of Step 2. Again 
the moments are well within the 
allov/able values throughout the 
leng: h of the structure. 
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Fig. 5.15 — Step 3 continued. Check top fiber and bottom 
fiber moments 


1 


5.6.4 Step 4. Addition of Superimpos:d Dead 


Loads 


At this stage the effect of permanent superim- 
imposed dead loads due to addition cf curbs, 
railings and toppings is considered. Permanent 
superimposed loads are treated separately irom live 
loads because permanent loads cause creep defor- 
mations of the structure. The amount of tlie super- 
imposed dead load is 1.525 t/m (1.03 kip/ft.). 
With reference to Fig. 5.16, th? calculation pro- 
cedure is as follows: 


Diagram 1 Calculate bending moments due to 
superimposed loads. 

Check top fiber moments by add- 
ing diagram 1 above to diagram 6 
of Step 3. All top fiber moments 
are within the allowable. 

Check bottom fiber moments by 
adding diagram 1 above to diagram 
7 of Step 3. All bottom fiber mo- 
ments are within the allowable. 


Diagram 2 


Diagram 3 
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Check top fiber and bottom fiber moments 


5.6.5 Step. 5. Application of Liv? Load and 
Temperature Load 
The live load on the structure i. HS20—44, 


The temperature loading consists of a 109 C 
(189 F) temperature rise of the top slab with 
respect to the webs and the bottom slab for maxi- 
mum temperature effects and a 59 C (99 F) tem- 
perature decrease of the top slab with respect to 
the webs and bottom slab for minimum tempera- 
ture effects. With the area of the ton slab 1.988 
m? (21.39 ft.?) and modulus of elasticity 3.5 x 
10% t/m? (5 x 10^ psi), the force developed by a 
109C t mperature differential with a thermal co- 
efficieni, œ, of 0.00001 m/m/9C (5.56 x 10^ 
in /in./€F! is 695.8 t (1534 kips). The eccentricity 
of this fc-ce with respect to the neutral axis is 
0.926m (3.04 ft). The temperature differential 
analysis p ocedure is presented in Section 3.3.4. 
The temp rature stresses calculated are converted 
to equival:nt bending moments. As illustrated by 
Figs. 5.17. 5,18 and 5.19, the calculation proce- 
dure is as ‘ollows: 


Diagram 1 Calculate live load positive mo- 
(Fig. 5. 7) ments (diagram 1a) and negative 
moments (diagram 1b). 

Diagram 2 Calculate maximum bottom fiber 
(Fig. 5. 7) temperature moments (2a) and 

minimum bottom fiber temperature 
moments 2b), and maximum and 
minimum top fiber temperature 
rnoments (Figs. 2c and 2d, respec- 
tively). 

Diagram. 3 Combine ciagrams 1 and 2 to pro- 

(Fig. 5. 8) vide: 

Za, Maximum live load moment 


pius maximum temperature mo- 
ment bottom fiber. 

2b. Minimum live load moment and 
minimum temperature moment top 
fiber. 


Diagram 4 
(Fig. 5.13) 


Diagram 5 
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Check top fiber moments with 
respect to allowable by combining 
diagram 2 of Step 4 (Fig. 5.16) 
with 3a and 3b of Step 5. All 
moments within the  aliowable, 
Check bottom fiber moments with 
respect to allowable by combining 
diagram 3 of Step 4 (Fig. 5.16) 
with di: grams 3a and 3h of Step 5. 
All moraents within the allowable. 
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Fig. 6.19 — Step 5 continued. Chuck top fiber and bottom 
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5.6.6 Step 6. Influence of Time 


With passage of time, the moments in the struc- 
ture are modified due to creep effects on box gird- 
er dead load moments and post-tensioning mo- 


ments, and by the effect of prestress losses. These 
three effects will be considered separately in the 
following calculatiors. Step 6a will consider the 
redistribution of box girder dead load moments 
due to creep, Step 6b will cover the redistribution 
of the post-tensioning moments due to creep, and 
Step 6c will consider the effect of prestress losses. 

In all of these calculations, high and low values 
of the creep factors will be assumed as follows: 


ó, = 1.41 $, = 1.05 
(1 —e7?1) = 0.76 (1 — e-%2) = 0.65 


5.6.6.1 Step 6a. Box Girder Dead Load Moment 
Redistribution Due to Creep 


With reference to Fig. 5.20, t^e calculation 
procedure is as follows: 


Diagram 1 Calculate box girder dead load mo- 
ments (not including superimposed 
dead load) in the continuous struc- 
ture. 

Diagram 2 Calculate the box gi-der dead load 
moments at completion of erec- 
tion. Add diagram 5, Step 1 to 
diagram 1, Step 2, end diagram 1, 
Step 3. 

Diagram 3 The difference between diagrams 1 
and 2 above is as shown, 

Diagram 4 Diagram 3 is multiplied by the high 
value of the creep factor (1 — e—?1) 
to provide a high estimate of the 
box girder dead load creep moment 
redistribution. 


Diagram 5 Diagram 3 is multiplied by 13e low 
value of the creep factor (1 - e %2) 
to provide a low estimate of the 
box girder dead load moment 
redistribution. 
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Fig. 5.20 — Step 6. Influence of tifne. Step 6a. Box girder 
dead load moment redistribution due to creep 
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5.6.6.2 Step €b. Fost-Tensioning Moment Redis- 
tributi on Due to Creep 


Diagram 1 


(Fig. 5.21) 


Diagram 2 


Diagram 3 


Diagram 4 


Diag am 5 


Diagram 6 


Diagram 7 


Dia: am 8 


Dia: ram 9 


Dia ram 10 


Diauram 11 


“he effects cf cantilever post- 

tensioning (Group 1) on tae contin- 
uous structure. 

The cantilever post-tensioning mc- 
ments at the end of erection (dia- 
gram 8 from Step ., Fig. 5.10. 
The difference betwi :n diagrams 1 

and 2 above 

Multiply diagram 3 by the high 
value of the creep factor (1 — e), 
jiving a higii estimate of the canti- 
‘ever post-iensioning (Group “) 
moment redistribution due to creep. 

Multiply diagram 3 by the low 
value of the creep factor (1 — ed) 
* giving a low estimate of the canti- 
lever post-tensioning (Group 1) 
mornerit redistribution due to creep. 
Determine the effect of Group 2 
continuity post-tensicning on the 
cor <in.sous structure. 

Th: eifect of Group 2 post-tension- 
ing during construction (diagram 3, 
Fig. 5.12). 

Th. differe ice between diagrams 6 
anc 7, above. 

Mu tip y diagrara 8 by the high 
val.e of tie creep factor ( 1 — 
e” 1), givag a high estimate of 
the Goup 2 post-tensioning mo- 
me it 'edistribution due to creep. 
Muitipiy diagram 8 by the low jo 
of the creep factor (1 — e7?2), 
giv ng a low estimate of the Group 
2 »osi-tensioning mement radistri- 
buiion due to creep. 

Cambine diagrams 4 and 9 to ob- 
tain a high value of the tota redis- 
tribution of post-tensioninj mo- 
me.its due to creep. 


Diagram 12 
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Combine diagrams 5 and 10 to c»- 
tain a low value of the tc tal red 5 
tribution of post-tensio. ing m>- 
ments due to creep. 
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Fig. 5,21 — Step 6b. HE moment redistribu- 
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tion due to creep 


5.6.6.3 Step 6c. Effect of Prestress Losses 


Prestress losses due to fiction, elastic shorten- 
ing, shrinkage and creep Fave been calculated as 
14 percent of initial forces or 18.610 t/m? (26,460 


psi). 
Diagram 2 


(Fig. 5.22) 


Diagram 3 


Diagram 4 


Diagram 5 


Diagram 6 


Diagram 7 


Group 1 post-tensioning tendon 
force diagram multiplied by pre- 
stress loss percentage. 

Group 2 post-tensioning tendon 
force diagram multiplied by pre- 
stress loss percentage. 

Group 3 post-tensioning tendon 
force diagram multiplied by pre- 
stress loss percentage. 

Diagrams 2, 3 and 4 added together. 
Diagram 5 multipled by Z, and 
divided by the section area, A. This 
is the prestress force loss effect on 
the top fiber expressed as a mo- 
ment, 

Diagram 5 multiplied by Z, and di- 
vided by the section area, A. This 
is the prestress force loss effect on 
the bottom fiber expressed as a 
moment. 
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Diagram 8 


(Fig. 5.23) 


Diagram 9 


Diagram 10 


Diagram 11 


Y 
Diagram 12 


Diagram 13 


Fig. 5.23 
bottorn 


Group 2 continuity post-' ensioning 
bending moments in continuous 
system multiplied by loss per- 
centage. 

Group 1 cantilever post-iensioning 
bending moments in continuous 
system multiplied by loss per- 
centage. 

Group 3 continuity post-tensioning 
bending moments in continuous 
system multiplied by loss per- 
centage. 

Diagrams 8, 9 and 10 added to- 
gether. 

Diagram 11 added to diagram 6 to 
obtain total equivalent top fiber 
bending moments due to losas, 
Diagram 11 added to diagran 7 to 
obtain total equivalent botton fiber 


bending moments due to lossas, 
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— Step 6c continued. Equivalent tc» fiber and 
'iber bending moments due to prestress losses 


5.6.7 


Diagram 1 
(Fig. 5.24) 


Diagram 2 
(Fig. 5.24) 


Diagram 3 


(Fig. 5.24) 


Diagram 4 
(Fig. 5.24) 


Step 7. Final Stress Control 


Calculation of total time-related 
(maximum and minimum) effects 
from Steps 6a, 6b and 6c fcr top 
fibers. 


Calculation of total time-related 
(maximum and minimum) effects 
from Steps 6a, 6b and 6c for bot- 
tom fibers. 


Final stress control for the top 
fiber is evaluated by combining 
diagram 1 above with diagram 4 
from Step 5 (Fig. 5.19). 


Final stress contro! ‘or the bottom 
fiber is evaluated by combining 
dizgram 2 above with diagram 5 
frc m Step 5 (Fig. 5.19). 


Fig. 5.24 — Step 7. Final stress control. Top fiber and 
bottom fiber time-related. be iding moments 


5.6.8 


Transverse moments in the North Vernon Bridge 
were calculated by use of a computer program 
based on folded plate theory. The calculation pro- 
cedure divides the box section into longitudinal 
strips which may or may not be of constant 
thickness. This makes it possible to include con- 
sideration of the areas where slabs or webs are 
thickened. The length of the strips is taken as the 
span length for a simply supported box girder, 
or as the distance between points of zero moment 
in the case of a continuous box girder. 

The results of the analysis are given at the con- 
nections of the longitudinal strips. The results 
provide bending moments end axial forces due to 
box girder dead load, superimposed dead loads, 
linear loads (curbs), and live loads. The live load 
may be either uniformly distributed, or one or 
more vehicles. In either case, live load moments 
are obtained from influence lines calculated for 
each section. The uniformly distributed live load or 
a design vehicle is placed on the influence lines in 
such a position as to give maximum positive or 
negative moments. Because of the effect of load 
distribution, influence lines for uniformly dis- 
tributed live loads differ from influence lines for 
vehicles. 

Influence diagrams and moment and axial force 
diagrams for the North Vernon Bridge are pre- 
sented in Figs. 5.25 to 5.31. Size and location of 
transverse reinforcement are shown in Fig. 5.32. 


Step 8. Calculation of Transverse Moments 
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Fig. 5.25 — Transverse moments and axial forces dur to 
box girder dea 1 load 
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Fig. 5.26 — Transv rse moments and axial forces di e to 
superimposed dead load 
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Fig. 5.30 — Transverse moments and axial forces due to 
uniformly distributed live load 
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SHIFT, W IERE NEEDED. 
FOR PA'SING CABLES 


1 fi. = 0.3048 m 
1 in. = 25.4 mm 


A. APPENDIX 


A.1 Tentative Design and Construction Specifica- 
tions for Frecast Segmental Box Girder Bridges. 


The PCI Biidge Committee prepared tentative 
design and construction specifications and accom- 
panying commentary in 1975 in the form of a pro- 
posed addition to the AASHTO Standard Specifi- 
cations for Hizhway Bridges. They were presented 
to the AASHT O Committee on Bridges and Struc- 
tures for evaluation, and then were published by 
the Prestresse ! Concrete Institute (PCI JOURNAL, 
July August 1375) to develop comments and dis- 
cussion. 

The PCI B idge Committee evaluated the com- 
ments receive | relative to the 1975 tentative speci- 
fica ions as w «.| as new information on design and 
construction of precast segmental box girder 
bir: ges, and ;..epared the following version of the 
design and «onstruction specifications for con- 
sideration by the AASHTO Subcommittee on 
Bricges at its 1977 Regional Meetings. The speci- 
fication proposals as presented in this section rep- 
resent the recommendations of the PCI Bridge 
Cornmittee, and may be modified prior to final 
adoption as AASHTO Standard Specifications for 
Highway Bridges. 

The specification proposals are presented here in 
a format utilizing section numbers compatible with 
the 1973 AASHTO Standard Specifications for 
Highway Bridges. Specifically, new sections of the 
1973 AASHTO Specifications are proposed as 
follows: 


1.6.25 Precast Segmental Box Girders 

24.33 (L) Precast Segment Manufacture and 
Erection 

2.4.83. (M) Epoxy Bonding Agents for Pre- 
cast Segmental Box Gir lers 

2,4,33 (N) Inspection of Pr:cast Segmental 
Box Girder Jointing Procedures 

2.4.83 (0) Epoxy Bonding Agent Tests 


1.6.25 Precast Segmental Box Girders 
(A) General 


Except as otherwise noted in this section, the 
provisions of Section 6 — Prestressed Concrete 
shall apply to the analysis and design of precast 
segmental box girder bridges. Deck slabs without 
transverse post-tensioning shall be designed under 


the applicable provisions of Section 5 — Concrete 
Design. 
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Elastic analysis and beam theory may be used in 
the design of precast segmental box girder struc- 
tures. For box girders of unusual proportions, 
methods of ana ysis which consider shear lag” 
shall be used to determine stresses in the cross 
section due to longitudinal bending. 


(B) Design of Superstructure 
(1) Flexure 


The transverse design of precast segments for 
flexure shall consider the segment as a rigid box 
frame. Top slabs shall be analyzed as variable depth 
sections considering the fillets between the top 
and webs. Wheel loads shall be positioned to pro- 
vide maximum moments, and elastic analysis shall 
be used to determine the effective longitudinal 
distribution of wheel loads for each load location 
(see Article 1.2.8). Transverse post-tensioning of 
top slabs is generally recommended. 

In the analysis of precast segmental box girder 
bridges, no tension shall be permitted at the top of 
any joint between segments during any stage of 
erection or service loading. The allowable stresses 
at the bottom of the joint shall be as specified in 
Article 1.6.6 (B) (2). 


(2) Shear 


(a) Reinforced keys shal! be provided in segment 
webs to transfer erection shear. Possible reverse 
shearing stresses in the shear keys shall be 
investigated, particularly in segments near a 
pier. At time of erection, the shear stress car- 
ried by the shear key shall not exceed 2 /f^,. 


(b) Design of web reinforcement for precast 
segmental box girder bridges shall be in ac- 
cordance with the provisions of Article 1.6.13. 


(3) Torsion 


In the design of the cross section, consideration 
shall be given to the increase in web shear resulting 
from eccentric loading or geometry of structure. 
(4) Deflections 


Deflection calculations shall consider dead load, 
live load, prestressing, erection loads, concrete 
creep and shrinkage, and steel relaxation. 

Deflections shall be calculated prior to manu- 
facture of segments, based on the anticipated pro- 
duction and erection schedules. Calculated deflec- 
tions shall be used as a guide against which erected 
deflection measurements are checked. 


*Defined as non-uniform distribution of bending stress over the 
cross section. 
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(5) 
(a) 


— 


Details 


Epoxy bonding agents for match-cast joints 
shall be thermosetting 100 percent solid 
compositions that do not contain solvent or 
any non-reactive organic ingredient except for 
pigments required for coloring. Epoxy bond- 
ing agents shall be of two components, a 
resin and a hardener. The two components 
shall be distinctly pigmented, so that mixing 
produces a third color similar to the concrete 
in the segments to be joined, and shall be 
packaged in pre-proportioned, labeled, ready- 
to-use containers. 9 

Epoxy bonding agents shall be formulated to 
provide application temperature ranges which 
will permit erection of match-cast segments at 
substrate temperatures from 40F (5C) to 
115F (46C). If two surfaces to be bonded 
have different substrate temperatures, the 
adhesive applicable at the lower temperature 
shall be used, 

If a project would require or benefit from 
erection at concrete substrate temperatures 
lower than 40F, the temperature of the 
concrete to a depth o! approximately 3 in, 
(76 mm) should be elevated to at least 40F to 
insure effective wetting of the surface by the 
epoxy compound and adequate curing of the 
epoxy compound in a reasonable length of 
time. An artificial environment will have to be 
provided to accomplish this elevation in 
temperature and should be created by an 
enclosure heated by circulating warm air or 
by radiant heaters. In any event, localized 
heating shali be avoided and the heat shall be 
provided in a manner that prevents surface 
temperatures greater than 110F (43C) during 
the epoxy hardening period. Direct flame jett- 
ing of concrete surfaces shall be prohibited. 

Epoxy bonding agents shall be insensitive to 
damp conditions during application and, after 
curing, shall exhibit high bonding strength 
to cured concrete, good water resistivity, low 
creep characteristics and tensile strength 
greater than the concrete. In addition, the 
epoxy bonding agents shall function as a 
lubricant during the joining of the match-cast 
segments being joined, and as a durable, 
watertight bond at the joint. See Article 2.4.33 
(M) for epoxy bonding agent specifications. 


Artic es 1.6.24 (C) and 1.6.24 (F) relating to 
flange thickness and diaphragms shall not 
apply to precast segmental box girders. 
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(C) 


In addition to the usual substructure design con- 
siderations, unbalanced cantilever moments due to 
segment weights and erection loads shall be ac- 
commodated in pier design or with auxiliary struts. 
Erection equipment which ca 1 eliminate these un- 
balanced moments may be used. 


Design of Substructure 


COMMENTARY 


1.6.25  Precast Segmental Box Girders 
(A) General 


Material strengths and allowable stresses need be 
no different from other prestressed concrete 
bridges; therefore, current limits in Standard Speci- 
fications for Highway Bridges should apply. How- 
ever, higher strength concrete has advantages and 
should be used when available. Higher strength 
concrete has more durability, not only because of 
the mix design but also because of the greater 
quality control required to produce it. 

Precast segmental box girders may be designed 
by beam theory with consideration of shear lag. 
Shear lag need only be investigated for segments 
wider than 40 ft. (12m) used on 150 ft. (46m) 
spans or less, because of the shallow depth. 


(B) 
Influence surfaces for design of constant and 


variable depth deck slabs have been published 
(see References 5 and 6, page 109). 


Design of Superstructure 


The following limitations are recor mended: 


1. When beam theory is used, single cell boxes 
should be no more than 40 ft. (12m) wics, includ- 
ing cantilevers. For bridges wider than 40 ft., 
multiple box cross sections or multiple call boxes 
are usually used. Single cell boxes of wid:h greater 
than 40 ft. can be used if carefully analyzed for 
shear leg to determine the portion of cross section 
capable of handling longitud nal moment. 


2. For maximum economy, the span-to-depth 
ratio for constant depth structures should be 18 
to 20. However, span-to-depth ratios of 20 to 30 


have ben used when required for clearances or 
esthetics. The shallower depths require the use of 


more high strength post-tensioning steel which may 
cause congested cross sections. Variable depth 
structures usually have span-to-depth ratios of 18 
to 20 at the supports and 40 to 50 at midspan. 


3. Width-to-depth ratios should also be consid- 
ered. A shallow box girder that is too wide begins 


ee 


to benave as a slab. No criteria have been estab- 
lished but when the width-to-depth ratio is greater 
than ix, considering the total width of the section 
incluaing slab cantilevers, it is recommended that 
the designers use multiple cell boxes or carefully 
analyze the cross section. 


4. Proper fillets should be used in the cross sec- 
tion to allow stress transfer around the box per- 
imeter and to provide ample room for the large 
number of tendons. 


5. Diaphragms should be considered. These are 
uua; y required only at piers, abutments, and ex- 
p nsion joints, 


6. The thickened bottom slab in pier segments, 
when required fo: stresses, should taper down or 
step down to the minimum midspan segment bot- 
torn slab thickmess in as short a distance as is prac- 
tical. 


7. Web thickriesses should be chosen for pro- 
duction ease. If post-tensioning anchorages are 
located in the webs, web thickness may be gov- 
erned by the anchorage requirements. 


8. Permanent access holes into the box section 
should be limited in size to the minimum func- 
tiona. dimension and should be located near points 
of minimum stress, 


(C) Design of Substructure 


Unbalanced cantilever moments occur during 
erection only and are usually greater in magnitude 
than service load momen:s. Wind loads ín combi- 
naticn with erection loads could develop critical 
stres.es and, thus, wind loads should be consid- 
ered in accordance with Article 1.2.22. 


Selected References 


The following selected references provide some 
useful guidelines In the design and construction of 
precast prestressed seymental box girder bridges: 


1.PCI Committee on Segmental Construction, 
“Recommended Practice for Segmental Con- 
struction in Prestressed Concrete," PCI JOUR- 
NAL, V. 20, No. 2, March-April 1975, pp. 22- 
41, 

2. Muller, Jean, "Ten Years of Experience in Pre- 
cast Segmental Construction," PCI JOURNAL, 
V. 20, No. 1, January-February 1975, pp. 28-61. 


3. Swann, R. A., "A Feature Survey of Concrete 
Box Spine-Beam Bridges," Cement and Concrete 
Association, 52 Grosvenor Gardens, London 
SW1W OAQ, 1972. 


4. Maisel, V. 1., and Roll, F., "Methods of Analysis 


and Design of Concrete Boxbeams with Side 
Cantilevers/' Technical Report No. 42.494, 
Cement and Concrete Association, 52 Grosvenor 
Gardens, London, SW1W OAQ, November, 1974. 


5. Pucher, Adolph, “Influence Surfaces of Elastic 
Plates," 4th Edition, 1973 (English), Springer 
— Verlag New York, lac. 


6. Homberg, Helmut, “Double Webbed Slabs,” 
(Dalles Nervurees Platten Mit Zwei Stegen), 
1974 (English), Springer — Verlag New York, 
Inc. 


2.4.33 Prestressed Concrete 


(L) Precast Segment Manufacture and Erection 
(1) Manufacture of segments 


Each segment shall be match-cast with its ad- 
jacent segments to ensure proper fit during erec- 
tion. As the segments are match-cast they must be 
precisely aligned to achieve the final structure 
geometry. During the alignment, adjustments to 
compensate for deflections are made. 

AM vendon ducts are placed during production. 
The conduit to enclose grouted, post-tensioned 
tendon; shall be mortar tight, made of galvanized, 
ferrou: metal, and may be either rigid with a 
emooth inner wall, capable of being curved to the 
proper configuration, or a flexible, interlocking 
type. Couplers ior either type shall also provide a 
mortar tight connection. Rigid conduit may be 
fabricated with either welded or interlocking 
seams. Galvañizing of welded seams for rigid con- 
duit or of conduit couplers will not be required. 
During placing and finishing of concrete in a seg- 
ment, inflatable hoses capable of exerting suffi- 
cient pressure on the inside walls shall be placed 
internally in all conduits and shall extend a mini- 
mum of 2 ft, (0.6m) into the conduit in the pre- 
viously cast segment. Either type of conduit shall 
be capable of withstanding all forces due to con- 
struction operations without damage. Other types 
of conduit and/or internal protection systems are 
permitted subject to the approval of the Engineer. 


(2) Erection of Segments 


Segments are usually erected by the cantilever 
method from each pier without falsework, al- 
though temporary supports may be used. With 
the approval of the Engineer, other systems of 
erection may be considered. 

Match-cast segments shall be erected using 
epoxied joints. Pressure shall be provided on the 
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joint by means of post-tensioning. The pressure 
shall be as uniform as possible with a minimum of 
30 psi (0.21 MPa) at any point. 

Deflections of cantilevers shall be measured as 
erection progresses and compared with computed 
deflections. Any deviation from the required align- 
ment shall be corrected by either modifying the 
segment geometry during the casting operation or 
by inserting stainless steel screen wire shims in the 
epoxy joints during erection. The maximum thick- 
ness of shims at any joint shall be 1/16 in. (1.6mm). 
Provision shall be made to permit alignment ad- 
justments of a completed cantilevered portion of 
the box girder before the midspan splice connect- 
ing adjacent cantilevers is constructed. 


(3) Grouting 


Grouting of the ducts shall be done in accord- 
ance with Article 2.4.33 (1). Under normal condi- 
. tions, grouting shall be accomplished within 20 
calendar days following installation of tendons. 
For delays beyond 20 days, tendons shall be pro- 
tected with a water soluble oil or approved equal 
protective agent. 

Protection of the tendon ducts against splitting 
from freezing of water in ducts must be provided 
until cement grout can be used. Use of some other 
type grout should be considered when erecting in 
“these low temperatures. - . 


(M) Epoxy Bonding Agents for Precast Segmental 
Box Girders 


All epoxy bonding agents shall meet the require- 
ments of Article 1.6.25 (B) (5) (a). Two-part 
epoxy bonding agents shall be supplied to the erec- 
tion site in sealed containers, pre-proportioned 
in the proper reacting ratio, ready for combining 
and through mixing in accordance with the manu- 
facturer's instructions. All containers shall be 
properly labeled to designate the resin component 
and the hardener component as well as the tem- 
perature range for its application. The substrate 
temperature range of 40F to 115F (5C to 46C) 
may be divided into either two or three applica- 
tion ranges for bonding agents. Such ranges shall 
overlap each other by at least 6F (3C). 

Surfaces to which the epoxy material is to be 
applied shall be free from oil, laitance, form re- 
lease agent, or any other material that would pre- 
vent the material from bonding to the concrete 
surface. All laitance and other contaminants shall 
be removed by light sandblasting or by high pres- 
sure water blasting with a minimum pressure of 
5000 psi (35 MPa). Wet surfaces should be dried 
before applying epoxy bondinc agents. The sur- 
face should be at least the equivalent of saturated 


surface dry (no visible water). 

Instructions furnished by the supplier for the 
safe storage, mixing and handling of the epoxy 
bonding agent shall be followed. The epoxy shall 
be thoroughly mixed until it is of uniform color. 
Use of a proper sized mechanical mixer operating 
at no more than 600 RPM will be required. Con- 
tents of damaged or previously opened containers 
shall not be used. Mixing shall not start until the 
segment is prepared for installation. Application of 
the mixed epoxy bonding agent shall be according 
to the manufacturer's instructions using trowel, 
rubber glove or brush on one or both surfaces to 
be joined. The costing shall be smooth and uni 
form and shall cover the entire surface with a mini- 
mum thickness of 1/16 in. (1.6mm) applied on 
both surfaces or 1/8 in. (3.2mm) if applied on one 
surface. Epoxy should not be placed within 3/8 in. 
(9.5mm) of prestressing ducts to minimize flow 
into tie ducts. A discernible bead line must be ob- 
served on all exposed contact areas after tempo- 
rary post-tensioning. Erection operations shall be 
coordinated and conducted so as to complete the 
operations of applying the epoxy bonding agent 
to the segments, erection, assembling, and tem 
porary post-tensioníng of the newly joined segment 
within 70 percent of the open time period of the 
bonding agent. 

The epoxy material shall be applied to all sur 
faces to be joined within the first half of the gel 
time, as shown on the containers. The segments 
shall be joined within 45 minutes after applica- 
tion of the first epoxy material placed and a mini- 
mum average temporary prestress of 5) psi (0.35 
MPa) over the cross section should be a: »lied with- 
in 70 percent of the open time of the ei »xy mater- 
ial. At no point of the cross section shall the tem- 
porary prestress be less tran 30 psi (9.21 MPa). 

The joint shall be checked imme ately after 
erection to verify uniform joint widt! and proper 
fit. Excess epoxy from the joint shall be removed 
where accessible. All tendor ducts shall be swatibed 
imraediately after stressing, while the epoxy is 
still in the non-gelled condition, to remove: or 
smooth out any epoxy in the conduit arid to seal 
any pockets or air bubble holes that have formed 
at the joint. 


If the jointing is not completed within 70 per- 
cent of the open time, the operation shall be ter- 
minated and the epoxy bonding agent shall be 
completely removed from the surfaces. The sur- 
faces must be prepared again and fresh epoxy shall 
be applied to the surface before resuming jol:-ting 
operations. 

As general instructions cannot cover all situa- 


tions, specific recommendations and instructions 
shall be obtained in each case from the Engineer 
in ch age. 

Epoxy bonding agents shall be tested to deter- 
mine their workability, gel time, open time, bond 
and compression strength, shear, and working tem- 
perature range. See Article 2.4.33 (0) for test 
methods and recommended specification limits. 
Tie f 2quency of the tests shall be stated in the 
Speci . Provisions of the Contract. 

The Contractor shall furnish the Engineer sam- 
ples of the material for testing, and a cer«ification 
from a reputable independent laboratory il,dicating 
that the material has passed the required tests. 


(M) Inspection of Precast Segmental Box Girder 
Jointing Procedures 


In addition ' to the material acceptance tests, 
which should be initially performed by a neutral 
testing laboratory and then checked by the owners' 
organ'zation, the owners' inspector should make 
regule: checks oí the epoxy jointing procedures. 
Data uch as weather, ambient temperature, con- 
crete .urface temperature, adhesive batch number, 
and ti.e jointing time should be noted. The inspec- 
tor should frequently sample and record data such 
as the observed gel time of the epoxy bonding 
agent, the surface conditions of the segments 
being joined, the adequacy of coverage of the ad- 
hesive the amount of material being squeezed 
from he joints, and the approximate open time of 
the e oxy. An approxima:e determination of the 
open ime can be noted from behavior of lap joint 
sampi:s spread on small cement-asbestos boards, 
(C)  poxy Bonding Agent Tests 
Test 

Th s test measures the application workability of 
the 6 onding agent. 

Teting Method: ASTM D 2730 for the desin 
nated temperature rar ga, 

Sp :cification: Mixed epoxy bonding agent must 
not sag flow at 1/8 in. (3.2mm) mi imum thic«- 
ness at the des.gnated minimum aid maximum 


appli:ation temperature range for the class of 
bon: ing agents u: ed. 


— Sag Flow of Mixed Epoxy Bonding Agent 


Test 2 — Gel Time of Mixed Epoxy Bonding Agent 


Ge! time is determined on samples mixed as 
speci ied in the testing-method. It provides a guide 
for tae period of time the mixed bonding agent 
rema.ns workable in the mixing container and dur- 
ing which it must be applied to the match-cast jo 
joint surfaces. 

Testing Method: ASTM D 2471 (except that 
one quart and one gallon quantities shall be tested). 
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Specifi ation: 30 minutes minimum on one 
quart (0.)5%) and one gallon (3.79%) quantities 
at the maximum temperature of the designated 
application temperature range. (Note: gel time is 
not to be confus2d with open time specified in 
Test 3). 


Test 3 — Open Time of Bonding Agent 


This test measures workability of the epoxy 
bonding agent for the erection and post-tensioning 
operations. As tested here, open time is defi:.ed as 
the minimum allowable period of elapsec time 
from the application of the mixed epoxy bonding 
agent to the precast segments until the two seg- 
ments have been assembled together and tempo- 
rarily post-:ensioned. 

Testing ¡Nethod: Open time is determined using 
test specimens as detailed in the Tensile Bending 
Test (Test 4). The epoxy bonding agent, at the 
highest specified application temperature, is mixed 
together and applied as instructed in Test 4 to the 
concrete prisms which shall also be at the highest 
specified application temperature. The adhesive 
coated prisms shall be maintained for 60 minutes 
at the highest specified application temperature 
with the adhesive coated surface or surfaces ex- 
posed and uncovered before joining together. 
The assembled prisms are tien cured and tested as 
instructed in Test 4. 

Specification: The epoxy bonding agent is ac- 
ceptable for the specified application temperature 
only when essentially total fracturing of concrete 
paste and aggregaie occurs with no evidence of 
adhesive failure, 

Construction situatións inay sometimes require 
application of the epoxy bonding agent to the 
precast section prior to erecting, positioning and 
assembling. This operation may require epoxy 
bonding agents having prolónced open time, In 
general, where the erection conditions are such 
that the sections to be bonded are prepositioned 
prior to epoxy app.ication, the epoxy bonding 
agent shall have a minimura open time of 60 min- 
utes within the temperature range specified for 
its application. 


Test 4 — Three Point Tensile Bending Test 


This test, performed on a pair of concrete 
prisms bonded together with epoxy bonding agent, 
determines the bonding strength between the 
bonding agent and concrete. The bonded concrete 
prisms are compared to a reference test beam of 
concrete 6x6x18 in. (150x150x460mm). 

Testing Method: 6x6x9 in. (150x150x230mm) 
concrete prisms of 6000 psi (41 MPa) compressive 
strength at 28 days shall be sandblasted on one 6x5 
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in. side to remove mold release agent, laitance, 
etc. and submerged in clean water at the lower 
temperature of the specified application tempera- 
ture range for 72 hours. Immediately on removing 
the concrete prisms from the water, the sand- 
blasted surfaces shall be air dried for one hour at 
the same temperature and 50 percent RH and each 
shall be coated with approximately a 1/16 in. (1.6 
mm) layer of the mixed bonding agent. The adhe- 
sive coated faces of two prisms shall then be placed 
together and held with a clamping force normal to 
the bonded interface of 50 psi (0.35 MPa). The as- 
sembly shall then be wrapped in P damp cloth 
which is kept wet during the curing period of 
24 hours at the lower temperature of the specified 
application temperature range. 

After 24 hours curing at the lower temperature 
of the application temperature range specified for 
the epoxy bonding agent, the bonded specimen 
shall be unwrapped, removed from the clamping 
assembly and immediately tested. The test shall 
be conducted using the standard ASTM C78 test 
for flexural strength with third point loading and 
the standard MR unit. At the same time the two 
prisms are preapred and cured, a companion test 
beam shall be prepared of the same concrete, 
cured for the same period and tested following 
ASTM C78. 

Specification: The epoxy bonding agent is ac- 
ceptable if the load on the prisms at failure is 
greater than 90% of the load on the reference test 
beam at failure, 


Test 5 — Compression Strength of Cured Epoxy 
Bonding Agent 


This test measures the compressive strength of 
the epoxy bonding agent. 

Testing Method: ASTM D 695. 

Specification: Compressive strength at 77F 
(25C) shall be 2000 psi (14 MPa) minimum after 
24 hours cure at the minimum temperature of the 
designated application temperature range and 6000 
psi (41 MPa) at 48 hours. 


Test 6 — Temperature Deflection of Epoxy Bond- 
ing Agent 


This test determines the temperature at which 
an arbitrary deflection occurs under arbitrary 
testing conditions in the cured epoxy bonding 
agent. It is a screening test to establish perform- 
ance of the bonding agent throughout the erec- 


tion temperature range. 

Testing Method: ASTM D 648. 

Specification: A minimum deflection tempera- 
ture of 122F (50C) at fiber stress loading of 264 
psi (1.8 MPa) is required on test specimens cured 
7 days at 77F (25C). 


Test 7 — Compression and Shear Strength of 
Cured Epoxy Bonding Agent 


This test is a measure of the compressive strength 
and shear strength of the epoxy bonding agent 
compared to the concrete to which it bonds. The 
“slant cylinder’’ specimen with the epoxy bonding 
agent is compared to a reference test cylinder of 
concrete only, 

Testing Method; A test specimen of concrate 
is prepared jn a standard 6x12 in, (1£0x300mm) 
cylinder mold to have a height at midpoint of 6 in. 
and an upper surface with a 30-degree slope from 
the vertical, The upper and lower portions of the 
specimen with the slant surfaces may be formed 
through the use of an elliptical insert or by sawing 
a full sized 6x12 in, cylinder. If desired, 3x6 in. 
(75x150mm) or 4x8 in. (100x200mm; specimens 
may be used, After the specimens have been moist 
cured for 14 days, the slant surfaces shall be pre- 
pared by light sandblastina, stoning or acid etching, 
then washing and drying the surfaces, and finally 
coating one of the surfaces with.a 10 mil (0.25mm) 
thickness of the epoxy bonding'agent under test. 
The specimens shall then be pressed together 
and held in position for 24 hours. The assembly 
shall then be wrapped in a damp cloth which shall 
be kept wet during an additional curing period of 
24 hours at the minimum temperature of the 
designated application temperature r: age. Tle 
specimen shall then be tested at 77F (2E C) follow- 
ing ASTM C 39 procedures. At the sar xe time as 
the slant cylinder spcimens are made and cured a 
companion standard test cylinder of the same co : 
crete shall be made, cured for the same perio , 
and tested following ASTM C 39. 

Specification: The epoxy bonding agent is ac 
ceptable for the designated application tempera- 
ture range if the load on the slant cylir der speci- 
ment is greater than 90 percent of the load on the 
companion cylinder. The bond strength on the 
slant surface (shear), determined by dividing th 
specimen test load by the area of the elliptical slan! 
surface, shall be at least 3000 psi (21 MPa) at 48 
hours. 
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Fig. A.2.6  Kishwaukee River Bridge, Illinois mer]. | 10-0” 
End Spans: 170 feet 


B' TYÈ. 
16” PIER 


Interior Spans: 250 feet Fig. A.2.9 Pike County, Kentucky 
Northbound: 1090 feet Bridge Length: 372 feet 
Southbound: 1090 feet Spans: 93.5 feet — 185 feet — 93.5 feet 
Segment Length: 7 feet 0-5/8 inches Segment Length: 7 feet 10 inches 
30'.6" 


5.6" 30 162-0" 8-G" | 2-0" 16" 30" 505" 


B" TYP. 
16" FIER 


Fig. A.2.7 Parke County, Indiana 
Bridge Length: 276 feet 
Spans: 90 feet — 180 feet — 90 feet 
Segment Length: 8 feet 


Fig. A.2.10 Lake Oahe Crossing Missouri River, 
North Dakota 
Bridge Length: 3020 feet 
Spans: 179 feet — 10 9 265 feet - 17€ feet 
Segment Length: 8 fe ‘t 4 inches 


4'-0" SPLICE 


a TYP. 
18" PIER 


9'-0-1:15" 


Fig. A.2.8 Turkey Run, Indiana Fig. A.2.11 Scottdale Bridge, Mic 1igan 
Bridge Length: 322 feet Bridge Length: 467 f at 
Spans: 180 feet — 180 feet Spans: 97 feet — 206 5 feet — 97 feet 
Segment Length: 8 feet Segment Length: 8 fe :t 


113 


i 
i 
| : 
V-9-31/32" | | 9'-11-3/22" 


Fig. A.2.15 Akron Bridge, Ohio 
Westbound: 3660 feet 
Eastbcund: 3646 feet 
T Spans: Variable 100 to 290 fee 
Segment Length: 6, 7 and 8 fect 


Fig. A.2.12. IHinoi R: er, Ilinois 
Eastbc ini: 3329.5 feet 
Westb und: 3203.5 feet 
Apprt ach Spans: 175 feet — 230 feet 
Main .par.s: 390 feet — 550 feet — 390 feet 
Segm: nt Length: 10 feet 


Fig. A.2.16 Lake County Ramps, indiana 


| 
| ed meee | cms, Bridge Length: 6240 feet 
= pe (Ramps plus Mainline) 
. Spans: Variable 100 to 315 feet 
Fig.4 2; FAL k-e, Michig: 
ig./ 2.13 llw .uk e, Michigan Segment Length: 7 feet 9 inches 


Brid e € ver Saginaw River 

Brid je Length: 8000 feet 

Two sec nents Wide 

Spar 3: '“ariable 155—392 feet 
Segrien Length: 8 feet to 12 feet 
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Fig. A.2.14 St. .ou s Missouri 
Bric ge Length: 405 feet 
Spa is: 100 feet — 200 feet — 100 feet 
Seg ner.t Length: 9 feet 4 inches 


A.3 Notation 
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cross sectional area of segment 

area of top slab 

area of concrete section 

28-day modulus of elasticity of concrete 
initial prestressing force 

final prestressing force 

horizontal distance center to center of 
webs 

moment of inertia 

span length 

unit length along span 

transverse moments 

creep moment resulting from change of 
statical system 

erection moment 

moment due to loads befcre change of 
statical system (Fig. 3.10) 

moment due to same loads, considered to 
produce M,, applied to changed statical 
system (Fig. 3,10) 

moment at time t 

torsional moment per unit length of box 
girder 

ratio of longitudinal forces obtained from 
computer analysis to forces obtained from 
elementary beari theory 

post-tensioning force 

load causing deflection ¿ (Fig. 3.11) 
loading per unit length (Fig. 3.35) 
reaction before settlement (Fig. 3.11) 
support reactions (Fig. 3.36) 

horizontal shear force in trarisverse analysis 
€. EA, elastic shrinkage restraint force 
shrinkage restraint force ac justed for the 
effect of creep 

vertical shear force in transverse analysis 
ambient temperature durinc At' deys 
shear force in top slab 

shear force in web 

shear force in bottom slab 

rate of change of shear fo'ce in top slab 
rate of change of shear force in web 

rate of change of shear fo'ce in bottom 
slab 

shear forces in top and bottom slab 
portion of external load carried to sup- 
ports by webs 

vertical distance from cent3r of top slab 
to center of bottom slab 

increase in support reaction due to elas- 
tic and creep deformatica (Fig. 3.11) 
top section modulus 

bottom section modulus 

horizontal cimension from centerline of 
box section o centerline ot web 
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distance from centroid to top fiber 
distance from centroid to bottom fiber 
web thickness 

slab thickness 

thickness of top and bottom slab (Fig. 
3.38) 

eccentricity of post-tensioning force 

base of natural locrithms = 2.718... 
28-day compre'sive strength of concrete 
test cylinders 

concrete stress 

bottom fiber compressive stress 
horizontal displacement 

theoretical thickness of structural element 
with respect to relative humidity 
cantilever length (Fig. 3.8) 

uniformly distributed load (Fig. 3.8) 
theoretical age 

theoretical time after casting (days) 
theoretical age of concrete at time of 
loading (days) 

rate of change of torsional shear force in 
top and bottom slabs 

rate of change of torsional shear force in 
webs 

time of completion of the structure 

time of application of the dead load 
vertical displacement 

unit weight of concrete 

vertical dimension from centerline of box 
section to centerline of slab 

member elongation due to shrinkage re 
straint force, S, 

Ent £, member shortening due to shrink 
age at time t 

temperature differential 

number of days at ambient temperature | 
elastic angle change at end of cantileve: 
(Fig. 3.8) ¿ 

a factor used in determining theoretica' 
age related to the type of cement usec 
coefficient of linear thermal expansio: 
rotation of forward cantilever arr adja 
cent to end span (Fir 3.60) 

angle change due ‘9 restraint moment 
(Fig. 3.8) 

rotation of corner of box secticn 

rotation of forward cantilever arm adja 
cent to interior span (Fig. 3.60) 

factor reflecting the influence of tre rela 
tive humidity of the ambient medium and 
the composition of the concrete on 4, 
factor reflecting the influence of the rela: 
tive humidity of the ambient medium anc! 


the theoretical thickness of the concret: 
ha, ON ds 


ho 


a 


.4 


6. 


1C. 


11. 


= factor variable from zero to unity indi- 
cating the variation of ¢, with time 

— fi) = factor variable from zero to unity 
indicating the variation of o, with 
time 

elastic deflection (Fig. 3.8) 

creep strain 

elastic strain 

shrinkage strain at infinity 

shrinkage strain at time t 

factor used in determining the theore- 

tical thickness h,, (Table 3.1) 

perimeter of congrete section in contact 

with the atmosphere 


" 
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torsional shear stress 
€cr/e,, creep factor, also = og 
€cr/e, at time t 

creep due to "delayed elasticity” 
coverable creep on remove: of load 
creep due to “flow”, not r coverable 


i. bottom slab 


ur 


or re- 


) = magnitude of the creep fac or at time t for 


a concrete specimen loaded at time t. 
magnitude of ‘‘delayed elasticity ' 
infinity 

magnitude of “flow” at infinity 
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3.6 — Dead load moment development during cantilever erection 
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for various age concretes by simply subtracting 1 
from the ordinate, A more detailed procedure for 
evaluation of $ is presented in Section 3,3.2.4 

The following sections illustrate the effect of 
concrete creep on the magnitude of moment 
redistribution and reduction of the effects of 
deformations due to shrinkage and support settle- 
ments in precast segmental bridges. 


3.3.2.1 Creep Effects Resulting From Change of 
Statical System Due to Closure of Central 
Joint 


Fig. 3.8 (a) shows a double cantilever with an 
open joint at B. The elastic deflection is ë and the 
angle of rotation at the ends of the cantilevers is 
a as shown in Fig. 3.8 (b). If the joint remains 
open, the deflection at time t will have increased to 
5(1 + ó,) and the angle of rotation to a(1 + 44), 
where ¢, is the creep factor at time t. For a uni- 
formly distributed load q applied when the con- 
crete is 28 days old, and a length of cantilever &: 


= 


